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ABSTRACT OF THE DISSERTATION 
 
Collapse Assessment of Reinforced Concrete Ductile Coupled Walls 
 
by 
 
Negin Aryaee Tauberg 
Doctor of Philosophy in Civil Engineering 
University of California, Los Angeles, 2019 
Professor John Wright Wallace, Chair 
 
Reinforced concrete coupled shear walls are efficient lateral load resisting systems 
commonly constructed as part of core walls in mid to high-rise buildings. Coupled walls are 
constructed as a result of openings accommodating doorways and windows, thus separating a 
solid wall segment in two piers. Instead of summing the strength of two individual wall piers, the 
efficiency of the individual wall piers is improved by proper coupling of two adjacent walls 
linked by coupling beams. During earthquake shaking, coupling beams act as ductile fuses and 
dissipate seismic energy over the building height. This coupling action reduces the flexural 
demand at the base of the shear walls and results in increased strength, stiffness, and lateral load 
resistance. Coupling beams can dissipate energy well in the system and retain significant strength 
and stiffness through large displacement reversals when they are detailed to retain ductility with 
adequate longitudinal, diagonal, and confinement reinforcement. 
 iii 
As part of this study, important parameters affecting the behavior of coupling beams and 
coupled wall systems are assessed. A thorough coupling beam database is compiled consisting of 
104 individual beam specimen and 11 coupled wall system level tests. The database is used to 
derive trends for coupling beam effective stiffness and shear-deformation backbone relations. 
Based on a review of past experimental results, an expression is derived relating the coupling 
beam effective stiffness as a function of the beam aspect ratio, i.e., EcIeff/EcIg = 0.07ln/h, which 
represents the secant stiffness to yield and includes the stiffening impact of the slab and the post-
tensioning stress. This expression has been adopted in the PEER TBI (2017) and LATBSDC 
(2017) guidelines. Experimental shear-deformation information from the database is also used to 
quantify plastic rotations at peak coupling beam shear strength and at strength loss. 
The subsequent part of this study focuses on proposing appropriate seismic response 
parameters for coupled wall systems. Current ASCE 7-16 and ACI 318-14 design provisions 
specify the same seismic response parameters to be used for coupled walls as are for special 
structural walls. However, well-designed coupled walls can have improved lateral performance 
and energy dissipation compared to uncoupled walls since part of the total overturning moment 
is resisted by coupling action and energy dissipation is distributed along the height of structure. 
In coordination with ASCE 7 and ACI 318, a new lateral system is introduced for Reinforced 
Concrete (RC) Ductile Coupled Walls as an assembly of walls with aspect ratio (hwcs/ℓw) greater 
than 2.0 which are linked by coupling beams having aspect ratios (ℓn/h) between 2.0 and 5.0.  
This study employs the FEMA P695 methodology to validate the proposed response 
modification factor of R = 8, deflection amplification factor of Cd = 8, and an overstrength factor 
of Ω0 = 2.5 for RC Ductile Coupled Walls. The collapse assessment studies include forty-one 
Archetypes designed using ASCE 7-16 and ACI 318-19 including new provisions that require 
 iv 
wall shear amplification and a drift capacity check. The Archetypes vary in building height (6 to 
30 stories), wall cross section (planar and flanged/core), coupling beam aspect ratio (ln/h = 2.0 to 
5.0), and coupling beam reinforcement arrangement (conventionally reinforced and diagonally 
reinforced). Collapse of the Archetypes is evaluated using failure criteria models that account for 
flexural failure (concrete crushing, bar buckling, wall lateral instability, bar fracture), shear, and 
axial failures. In comparison to previous studies that have assumed failure to occur at a roof drift 
ratio of 5%, this study uses a conservative approach to define flexural failure as a 20% drop in 
lateral strength. Overall, nonlinear static pushover and incremental dynamic analysis results 
indicate that R = 8 and Ω0 = 2.5 are appropriate parameters for RC Ductile Coupled Wall 
systems that are designed per ASCE 7-16 and ACI 318-19 provisions. 
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CHAPTER 1. Introduction 
This chapter provides the background and objectives of the research and presents an 
overview of the dissertation. 
1.1. Background 
 Many buildings in highly seismic regions can suffer considerable damage and result in 
loss of life. In the field of structural earthquake engineering, much effort is spent on designing 
lateral force resisting systems that offer strength and enough ductility to dissipate seismic energy. 
Of the various lateral force resisting systems available in the structural engineering industry, 
reinforced concrete walls with coupling beams are an efficient system to use in buildings subject 
to earthquake shaking. When subjected to seismic loads, coupling beams act as ductile fuses and 
dissipate seismic energy by undergoing large inelastic rotations when designed properly. This 
system is especially favorable in performance of tall buildings with reinforced concrete core 
walls that have openings in order to accommodate doorways and other architectural features. The 
overall load path of a coupled wall system, as presented in Figure 1.1, consists of seismic inertial 
forces transferring through the floor slab to the stiff lateral load resisting elements. In a coupled 
wall system, the energy dissipation mechanism consists of the hinging of the coupling beams 
along the building height which helps reduce the flexural demands at the base of the wall piers 
while engaging the increased stiffness with the coupled system. Each wall pier resists shear and 
moment as well as a tension/compression force coupled as the lateral loading cycles. Although 
well-detailed coupling beams reduce the flexural demand on the walls, they cause significant 
axial tension and compression forces on the linked walls, especially at the lower levels of a 
building. In addition to the capacity of the coupling beams, the concrete compressive strains, 
shear strength, and flexural strength of the wall piers affect the system failure mode.  
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Figure 1.1: Elevation View of a Typical Coupled Core Wall Building (PEER-ATC-72-1) 
  Quantification of building system performance and response parameters, such as the 
Response Modification Factor (R), System Overstrength Factor (Ω0), and Deflection 
Amplification Factor (Cd), is required to design lateral force resisting systems per ASCE 7 
(ASCE, 2016). The values of these parameters used in current design, e.g., ASCE/SEI 7-16, are 
mainly based on judgment and qualitative comparisons of the known response capabilities of 
these lateral-force resisting systems in earthquakes. The FEMA P695 (FEMA, 2009) 
methodology was developed to formalize the selection of building system response parameters 
for new systems, systems using new materials, and alternative configurations of existing systems.  
Current ASCE 7 (ASCE, 2016) and ACI 318 (ACI, 2014) design requirements do not 
distinguish between different configurations used for reinforced concrete (RC) structural walls, 
i.e., a cantilever (uncoupled) wall is treated the same as a coupled wall. In addition, even for a 
Floor Diaphragms  
at and below grade transfer 
forces from Core Wall to 
Perimeter Retaining Walls 
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coupled wall, current building system parameters do not vary with coupling beam reinforcement 
detailing, i.e., diagonally- and conventionally-reinforced coupling beams are treated the same 
even though it is well established that diagonally-reinforced beams have superior load-
deformation behavior. Finally, current design parameters do not depend on coupling beam aspect 
ratio, which is known to influence the amount of overall system hysteretic energy dissipation, 
nor on the relative energy dissipation contribution between the special walls and coupling beams. 
In coordination with ACI 318 and ASCE 7, a project was initiated to define a new ASCE 7 
lateral system for ductile coupled walls having target values of R = 8, Cd = 8 and Ω0 = 2.5.  A 
code change proposal has been approved for ACI 318-19 Sections 2.3 and 18.10.9 that defines a 
“Ductile Coupled Wall” as an assembly of walls with aspect ratio of total wall height to length 
(hwcs/ℓw) greater than 2.0 which are linked by coupling beams having aspect ratios (ℓn/h) between 
2.0 and 5.0. The limit on wall aspect ratio is intended to ensure that wall behavior at the critical 
section is governed by flexural yielding prior to shear failure, whereas the limit on coupling 
beam aspect ratio focuses on ensuring that a majority of the overall inelastic energy dissipation is 
provided by coupling beam yielding. Additional constraints are included to promote the intended 
response, i.e., at least 90% of the coupling beams of the lateral force resisting system of the 
building in the direction of load being considered must have aspect ratio less than 5.0, all 
coupling beams must have aspect ratio greater than 2.0, and primary longitudinal or/or diagonal 
reinforcement providing coupling beam strength must be developed to achieve 1.25fy at each end 
of the coupling beam. In addition, for ASCE 7, a minimum height of 60 feet is proposed for 
Ductile Coupled Walls to ensure adequate participation of the coupling beams in the energy 
dissipation mechanism of the lateral force resisting system. 
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1.2. Objectives 
 In assessing the lateral performance of coupled wall systems, it is important to 
appropriately model the various parameters that affect the strength, stiffness, and deformation 
capacity of coupling beams and the wall piers. The objectives of this study are to examine the 
behavior and response of coupled wall systems subject to lateral loading. The first part of the 
study focuses on developing a thorough database of coupling beam test specimen in order to 
derive relations for coupling beam effective stiffness and load-deformation backbone behavior. 
The experimental data is also used for model calibration. The second part of the study is focused 
on nonlinear modeling and collapse assessment of reinforced concrete coupled wall systems 
designed according to the provisions of ASCE 7-16 and ACI 318-19. 
The main part of study aims to justify the use of the proposed design parameters by 
applying the FEMA P695 approach to the newly defined lateral system. The primary objective of 
the study is to define a subset of conditions (design provisions) for which the proposed building 
system response parameters may be used for RC coupled walls. Target values for the Response 
Modification Factor (R), System Overstrength Factor (Ω0), and Deflection Amplification Factor 
(Cd) are selected, as noted in the prior paragraph, and verified by application of the FEMA P695 
methodology. An independent review panel of practicing engineers and researchers are peer 
reviewing the effort, and an advisory panel of practicing engineers and researchers active with 
ASCE 7 and ACI Committee 318 are providing input on the design and collapse assessment 
results. 
Forty-one prototype RC coupled wall configurations (Archetypes) are assessed in this 
study for the Seismic Design Category (SDC) being considered, i.e., SDC Dmax. The Archetypes 
considered address a range of variables expected to influence the collapse margin ratio, with 
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primary variables of building height (6 to 30 stories), wall cross section (planar and flanged/core), 
coupling beam aspect ratio (ln/h = 2.0 to 5.0), and coupling beam reinforcement arrangement 
(conventionally reinforced (CR) and diagonally reinforced (DR)). Each Archetype is designed 
using ASCE 7-16 and ACI 318-14 (including 318-19 approved code change proposals). Initially, 
a set of preliminary Archetypes were designed conforming to the wall shear provisions of ACI 
318-14 and were assessed for conformance with the FEMA P695 acceptability criteria. Due to a 
high number of shear failures experienced during the collapse assessment process, these initial 
Archetypes had to be revised; the final Archetype designs conform instead to the wall shear 
provisions of ACI 318-19 code change proposal using amplified wall shear demands accounting 
for flexural overstrength and higher mode effects. 
To assess the potential for collapse, a nonlinear model is created for each Archetype in an 
open-source computational platform OpenSees (McKenna et al., 2000) and subjected to ground 
acceleration response histories. New, state-of-the-art, approaches to predict collapse are 
implemented and evaluated/calibrated using existing test data. The established failure criteria 
account for flexural compression (concrete crushing, bar buckling, wall lateral instability), 
flexural tension (bar fracture), shear, and axial failures. For each Archetype, nonlinear static 
pushover (NSP) and nonlinear incremental dynamic analyses (IDA), subjected to the ATC-63 
forty-four far-field ground motion record set, are conducted to obtain the overstrength/ductility 
and the collapse margin ratio values, respectively. The methodology prescribed in FEMA P695 
is followed to establish limits on the adjusted collapse margin ratios (ACMRs) and to observe the 
vicinity of the obtained ACMRs to these limits in order to investigate the validity of the chosen 
R-value. 
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Initial findings indicated that Archetypes using R = 8 and Cd = 8 and designed 
conforming to current ACI 318-14 shear provisions, do not meet the FEMA P695 acceptability 
criteria due to a high number of shear failures experienced during incremental dynamic analysis. 
The Archetype designs were revised using R = 8 and Cd = 8 and amplified shear demands 
following an approved ACI 318-19 code change proposal that is similar to approaches used for 
wall shear amplification in CSA A23.3 (2014) and NZS 3101 (2006). Results for the final 
redesigned Archetypes meet the FEMA P695 acceptability criteria. Therefore, the revised design 
approach using R = 8 and Cd = 8 and amplified shear demands has been used for all Archetype 
designs.  
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1.3. Organization 
This dissertation is organized into seven chapters.  The introduction provided herein 
Chapter 1 includes background information describing the purpose of the study and provides an 
overview of the dissertation. A literature review of relevant research is presented in Chapter 2. 
Chapter 3 consists of details of the Database used to assess coupling beam behavior. Chapters 4 
through 6 describe the design, modeling, and collapse assessment results for a set of Ductile 
Coupled Wall Archetypes representative of common practice. Chapter 4 presents the design 
procedure and provides key details of the various Archetype designs. Chapter 5 describes details 
of the nonlinear modeling procedure and model validation studies, including the failure models 
used for collapse assessment along with the failure assessment procedure. Chapter 6 presents the 
results from nonlinear static pushover and incremental dynamic analyses including the collapse 
assessment results, and illustrates additional studies including collapse assessment of Archetypes 
designed for SDC Dmin, uncoupled cantilever walls, low-rise Archetypes with reduced coupling 
action, and comparisons considering Shear-Flexure interaction. Chapter 7 summarizes the 
general findings and conclusions of the study including recommendations for quantifying the 
seismic response parameters of Ductile Coupled Walls as a lateral force resisting system in 
ASCE 7. An Appendix is used to provide additional information on the development of the 
Archetype designs and miscellaneous calculations followed by a list of References.  
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CHAPTER 2.  Literature Review 
2.1. Main Features of Coupled Wall Systems 
 Reinforced concrete structural walls are a commonly used lateral force resisting system in 
mid to high-rise structures due to their stiffness and strength. The efficiency of individual 
structural walls can be improved by proper coupling of two or more consecutive walls linked by 
coupling beams. This coupling action reduces the demand for flexural stiffness and strength from 
the individual walls and engages the axial stiffness and strength of the coupled system resulting 
in increased resistance to overturning moment.  
 Coupling beams can dissipate energy well with adequate ductility when sufficient 
reinforcement is provided to resist the shear demands, such as with diagonal reinforcement. 
Conventionally reinforced coupling beams are typically reinforced with top and bottom 
longitudinal bars to resist flexural demands as well as vertical ties or stirrups closely spaced 
along the length of the beam to provide shear resistance and confinement of the beam section. 
Beams with conventional longitudinal reinforcement perform well when the beam behavior is 
dominated by flexure and the shear stress is below 3√f’c (Aktan & Bertero, 1984). For higher 
stressed shear-governed beams, the section can be reinforced with two sets of diagonally placed 
bars creating a load path simulating a strut and tie model. For beams having ln/h < 4, diagonal 
reinforcement results in efficient coupling of walls, increased deformation capacity, and great 
energy dissipation during cyclic loading. The diagonal orientation of the bars also mitigates 
sliding shear forces at the beam-wall interface. The need for minimizing bar congestion has also 
led to advancements in confining the diagonal bars. In lieu of diagonal confinement, diagonally 
reinforced beams can also perform well if the diagonal bars are reinforced with closely spaced 
full section confinement ties along the entire length of the beam (Wallace, 2007; Naish, 2010).  
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 The forces in a coupled wall system (Figure 2.1) can be determined from statics. For 
conventionally reinforced coupling beams, the beam end moments MA and MB and the 
associated shear Vcpl can be readily determined. For coupling beams with diagonal reinforcement, 
the forces at the beam ends including the effect of horizontal reinforcement are summarized 
below. While the diagonal bars are assumed to be at yield stress, the horizontal reinforcement 
varies from zero to yield stress over the length of the coupling beam. Slab reinforcement within 
an effective flange width can be included as part of the horizontal steel. Taking moments around 
the compression zone at, the moment capacity of the coupling beam on each end (MA and MB) 
can be computed. The shear strength (Vcp) for this stress state of the beam neglecting axial load 
can also be computed. 𝑀# = %𝑇'𝑐𝑜𝑠𝛼 + 𝑇-,/0 ∗ 𝑧/ = %𝐴4'𝑓6,'𝑐𝑜𝑠𝛼 + 𝐴4-,/𝑓6,-0 ∗ 𝑧/ 𝑀7 = %𝑇'𝑐𝑜𝑠𝛼 + 𝑇-,80 ∗ 𝑧/ = %𝐴4'𝑓6,'𝑐𝑜𝑠𝛼 + 𝐴4-,8𝑓6,-0 ∗ 𝑧/ 𝑉:; = (𝑀# +𝑀7)𝐿:; = ?2𝐴4'𝑓6,'𝑐𝑜𝑠𝛼 + %𝐴4-,8 + 𝐴4-,/0𝑓6,-A ∗ 𝑧/𝐿:;	 
Total shear resisted at the compression zone, Vc,b = Vcp - Td*sinα 
The base shear transferred from the bottommost coupling beam, Vb,cp = Vc,cp*cotγ 
 
Figure 2.1: Forces in a Coupled Wall System (PEER Report 2014/18) 
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 Diagonally reinforced coupling beams can also be idealized as a truss having tension and 
compression diagonals (Figure 2.2). By summing forces along the vertical direction, the shear 
strength of the coupling beam as adopted in ACI 318 can be obtained by vertical equilibrium: Vn 
= 2Avdfysinα. ACI 318 places an upper bound limit of 10√f’cAcw on this nominal shear strength 
because of concerns for the beam web crushing at higher shear stresses. In diagonally reinforced 
beams, since shear and moment are resisted by the same mechanism of the digonal truss, the 
shear and moment resistance are always in equilibrium satisfying capacity design requirements 
for shear. The beam nominal moment strength at the wall interface can be obtained by taking 
moments about the horizontal components of the diagonal bar force resulting in Mn = 
Avdcosα*fy*jd, where jd=ln*tanα by geometry. Shear and moment are thus related by Vn = 
Mn/(ln/2). In order to ensure that shear failure by diagonal tension does not occur, additional 
shear strength is provided by the concrete section and transverse reinforcement. 
 
Figure 2.2: Forces in a Diagonally Reinforced Coupling Beam (Moehle J. , 2014)  
Note that typical clear span-to-depth ratios used in core wall buildings range between 2 and 4 (i.e. 
2 ≤ ln/h ≤ 4). A recent building inventory of thirteen coupled wall buildings ranging in height 
from 10 to 60 stories and designed between 1991 and 2007 in high seismic regions of the West 
Coast of the United States revealed that a modern representative beam aspect ratio is ln/h = 2 
(Lehman et al., 2013). 
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2.2. Current Code Provisions and Guidelines 
 Current design of coupled wall systems follows the provisions of the ACI Building Code 
(ACI Committee 318, 2014) and ASCE 7-10. In this system the coupling beams link cantilever 
walls over the wall height where there are large window, door, or mechanical openings. This 
system allows for a ductile yielding mechanism in the coupling beams over the height of the 
building followed by flexural yielding at the base of the linked walls. 
 The shears walls can have plan configurations varying from rectangular, bar-bell, flanged 
(T, L, C, and I shapes), and core-wall cross sections. In high-seismic regions, structural walls are 
required to be specially-reinforced having two layers of distributed web reinforcement in both 
horizontal and vertical directions with ratios of at least 0.0025 (except if Vu ≤ Acvλ√f’c). 
Additional well-confined vertical reinforcement concentrated at the wall boundaries are also 
required to provide increased resistance to moment and axial force. It is important for 
longitudinal wall reinforcement to be enclosed in closely spaced transverse reinforcement to 
increase the compressive strain capacity of the concrete and restrain longitudinal bar buckling 
(e.g. detailed according to the displacement-based approach). 
 The coupling beam strength can be computed using the material properties such as the 
compressive strength of concrete (f’c) and the yield strength of steel rebars (fy), the coupling 
beam dimensions of height (h), width (bw), and clear span between the linked walls (ln), as well 
as the beam reinforcement such as the layout of longitudinal bars, diagonal bars, and stirrups. 
From structural analysis, section cuts can be evaluated to obtain the axial loads in the coupling 
beam, the shear at the span ends, and the maximum moment at the midspan due to dead, live, and 
earthquake loads. From these force components, factored loads can be computed using the 
governing load combinations. 
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 According to ACI 318, for clear span-to-depth ratios ranging between 2 and 4, the 
coupling beam flexural strength must be computed to determine the minimum beam shear that 
produces either flexural or shear yielding. Diagonal reinforcement using two intersecting groups 
of bars are permitted by code if the beam span to depth ratio (ln/h) is less than 4, but are required 
by code if the coupling beam span to depth ratio (ln/h) is less than 2 and the shear demand Vu 
exceeds the shear strength 4λ√f’c Acw. The diagonal bars are designed to resist the entire shear 
demand having shear strength of: Vn = 2Avdfysinα ≤ 10√f’cAcw. 
 However, in case where the beam span to depth ratio (ln/h) ≥ 4, diagonal reinforcement is 
not feasible due to the shallow inclination, and conventional reinforcement should be detailed for 
the beam with longitudinal bars. In that case, the flexural strength of the coupling beam section 
(Mpr) is calculated using phi = 1.0, tensile strength of the reinforcement as 1.25fy, and by 
neglecting the axial load acting in the section. This flexural strength is used to then compute the 
design shear force Ve: 	𝑉C = 	DEFGHDEFIJK + 1.2𝑉NJ + 1.0𝑉JJ  
To compute the shear strength, some conditions are checked whether the shear strength due to 
the concrete material (Vc) can be included in the total coupling beam strength Vn. The conditions 
state if - a) the earthquake-induced shear force in the coupling beam (2Mpr/Ln) accounts for more 
than half of the maximum required shear strength Ve - and if - b) the factored axial compressive 
force Pu is less than Agf’c/20 – then Vc must be taken as zero. Otherwise, the factored shear 
strength of the coupling beam φVn consists of adding the concrete shear strength Vc to the stirrup 
reinforcement shear strength Vs and then reduced by the φ factor equal to 0.75 as shown below: 𝑉: = 2P1 + QRSTTT#UV 𝜆X𝑓:Y𝑏[𝑑	(for members subjected to axial compression) 𝑉4 = 	𝐴]𝑓68𝑑 𝑠⁄ 	≤ 8X𝑓:Y𝑏[𝑑 𝜙𝑉b = 0.75(𝑉: + 𝑉4) 
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The reinforcement layout restrictions set by the ACI 318 code include provisions such as for the 
maximum flexural bar spacing to be at least 18 inches. Furthermore, the stirrups need to be 
spaced apart no more than the minimum of {d/4, 8db,min, 24db,shear, and 12 inches}. Also, the 
shear reinforcement must be at least equal to or more than Av,min = 0.75√f’c (bws)/fyt. 
 The design of the wall piers goes hand in hand with modeling and designing of the 
coupling beams. The walls must be checked to resist the shear and moment demands as well as 
have acceptable compressive and tensile strains. The ASCE 41 Service Level and Maximum 
Considered Earthquake Acceptance Criteria are typically used in performance-based design type 
projects to assess and design current coupled wall systems using nonlinear response history 
analysis. As part of those guidelines, story drifts, coupling beam rotations, wall shear demands, 
and shear wall concrete axial compressive strains and wall reinforcement axial tensile strains are 
checked against the acceptance criteria. In addition to the ASCE 41 acceptance criteria, The 
PEER ATC 72-1 recommends to limit the yielding in the upper levels of the wall to low tensile 
strains (e.g. twice the yield strain) and to limit plastic rotations (e.g. to 1.2θy) to avoid 
concentrating nonlinear deformations in the upper levels.  Overall, the predicted performance of 
coupled wall systems depends on the assumed modeling parameters including wall, beam, and 
slab effective stiffness values, deformation capacities, degree of coupling, and the distribution of 
shear and flexural strength over the height of the wall.  
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2.3. Individual Coupling Beam Tests 
 This research includes a comprehensive catalog of available individual coupling beam 
tests that were conducted by various researchers from 1969 to 2016 (Table 2-1). The catalog 
consists of beam specimen of various concrete strengths, aspect ratios, and reinforcement layouts 
including 48 conventionally reinforced and 56 diagonally reinforced coupling beams. From the 
database, the progress in improved coupling beam behavior over the past few decades is evident.  
 Since the 1970s extensive research has been conducted on the seismic behavior of 
coupling beams. Past experiments showed that coupling beams with conventional reinforcement 
consisting of longitudinal bars and stirrups are vulnerable to damage when subject to large cyclic 
load reversals (Paulay, 1971). These challenges encouraged improvements in reinforcement 
detailing to resist beam shear with the use of diagonal bars confined by closely spaced ties in 
order to resist sliding shear failures at high stresses and gain better deformation capacity. Paulay 
and Binney’s research and experimental studies led to wide acceptance of diagonally reinforced 
coupling beams in seismic design worldwide (Paulay and Binney, 1974; Barney et al., 1980; 
Tassios et al., 1996; Galano and Vignoli, 2000; Kwan and Zhao, 2002).  
 From the 1970s until the early 2000s, many researchers tested and analyzed the behavior 
of reinforced concrete coupling beams with various reinforcement layouts, span-to-depth ratios, 
and concrete compressive strengths in order to reveal better performance and ductility of beams 
with improved detailing as well as to evaluate the use of high strength materials and fiber-
reinforced concrete used to delay cover damage and increase ductility.  
These studies led to the development of the backbones curves and effective stiffness 
values recommended in ASCE 41. However, none of these prior tests incorporated slab effects. 
Moreover, the more recent tests from the last two decades have not yet been incorporated in new 
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beam effective stiffness or force-deformation backbone curves that may be more suitable for 
modern day construction.  
Table 2-1 summarizes a list of the cataloged individual coupling beam experiments. 
Extended information about the experimental results from this catalog has also been compiled 
and can be utilized to propose recommendations for coupling beam effective stiffness and other 
modeling parameters. 
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Table 2-1: Catalog of Individual Coupling Beam Tests 
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Table 2-1: Continued… 
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2.4. Coupled Wall System Tests 
 This research includes a comprehensive catalog of over ten system-level coupled wall 
tests that were conducted by various researchers from 1974 to 2014 (Table 2-2). The inventory 
includes coupled wall systems that have various geometries, concrete and rebar strengths, beam 
aspect ratios, reinforcement layouts, and slab presence. From these experiments, knowledge was 
gained about the yielding mechanism and deformation capacity of coupled walls including 
learning about the superior behavior of beams with diagonal reinforcement (versus conventional 
reinforcement). The tests also shed light on the migration of shear force from the tension wall 
pier to the compression wall pier during seismic loading as well as potential concerns for large 
axial compression due to high degree of coupling.  
A couple of the system level tests from the database are described in more detail herein. 
The BRI Japanese test of the twelve-story coupled T-walls is explained in detail in Chapter 3, 
and the specimen tested by (Santhakumar, 1971) is described in Chapter 2 for reference. Table 2-
2 summarizes a list of previous system level coupled wall experiments. Extended information 
about the experimental results from this catalog has also been compiled and can be utilized to 
develop backbone relations and fragility curves. 
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Table 2-2: Catalog of Coupled Wall System Tests 
 
 
 20 
 Studies have shown that the compression wall in coupled wall systems resist significantly 
more shear than the tension wall, especially at the base. In the BRI twelve-story coupled T-walls 
test, the ratio of shear from compression to tension wall as 9 to 1 (Sugaya, 1996). As a result of 
the axial force transfer, the coupling beams at the lower levels of the building tend to have higher 
axial loads than the upper levels. In the system level tests by Lequesne (2010) that incorporated 
load cells outside of the beams, it was also observed that the lowest level coupling beam actually 
shortened due to large axial forces, whereas the upper level coupling beams elongated.  This 
observation emphasizes the need to assess the distribution of beam axial load effects along a 
height of a building.  
 The experiments compiled in the database have been used for purposes of nonlinear 
model validation. As an example, a study done by Kolozvari et al. (2018) validates an OpenSees 
model with shear-flexure interaction effects (SFI-MVLEM) as described in Chapter 5. The 
validation study uses data from the ¼ scale 7-story RC coupled wall specimen tested by Paulay 
and Santhakumar at the University of Canterbury (Santhakumar, 1974). The test specimen 
consisted of wall piers with an overall height to length ratio of 9.0 and measuring 610 mm (24 in.) 
long and 102 mm (4 in.) thick. The concrete compressive strength was 30 MPa (4.4 ksi), and the 
yield strength of reinforcement was 304.7 MPa (44.2 ksi) for the wall boundary vertical 
reinforcement and 343.4 MPa (49.8 ksi) for the wall web reinforcement. The wall piers were 
connected by 381 mm (15 in.) long coupling beams with an aspect ratio ln/h of 1.25 and 
measured 76.2 mm (3 in.) wide by 304.8 mm (12 in.) deep. The beam diagonal reinforcement 
consisted of two D10 bars with reinforcement yield strength of 314.7 MPa (45.6 ksi). Details of 
the test specimen are provided in the referenced dissertation by Santhakumar. The specimen was 
subjected to reversed cyclic loading in the horizontal direction and tested under a constant axial 
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load of about 6 percent of the pier axial load carrying capacity (Agf’c). Failure was observed at a 
drift of about 3.5% with the compression wall buckling out of plane; however, the coupling 
beams experienced limited damage with minor spalling and diagonal cracking, and they did not 
suffer from shear sliding or pinching behavior in the hysteresis loops. 
Comparisons of experimental and analytical responses presented in Figure 2.3 confirm 
that the model can reasonably capture the global base shear vs. top displacement behavior as well 
as the coupling beam rotations and wall curvatures (Kolozvari et al., 2018). Overall, their model 
results match the wall strength and stiffness very well as shown in Figure 2.3a, except that the 
model overestimates the system unloading stiffness resulting in modestly larger area of hysteretic 
loops. The predicted coupling beam rotations illustrated in Figure 2.3b reasonably match the 
experimental measurements at the three considered drift levels with analytical results only 
overestimating the measured response by less than about 10 to 20%. Wall curvature predictions 
presented in Figure 2.3c for the three drift levels over the wall height and within the plastic hinge 
region also agree well with experimental results except at the drift level of 2.3% where the model 
spread of plasticity is not well captured. Their model’s predicted diagonal cracking patterns also 
reasonably match the distribution and orientation of experimentally observed diagonal cracks 
which suggest shear-dominant behavior of the wall piers. 
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a) base shear vs. top displacement 
  
b) coupling beam rotations   c) wall curvature 
 
Figure 2.3: Model validation using Santhakumar test specimen (Kolozvari et al., 2018):  
a) base shear vs. top displacement, b) coupling beam rotations, c) wall curvature 
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 In 2005, a 5-story reinforced concrete coupled wall system with 80 mm thick slab at each 
level was tested at the LNEC laboratory in Lisbon, Portugal (Kante, 2005; Coelho et al. 2006). 
The specimen, SLO, was subject to six triaxial ground motions (T1 through T6) of increasing 
intensity. Test results showed minor cracking in the wall flanges after ground motion T4. Ground 
motion T5 resulted in maximum drifts of 0.32% in the x-direction and 0.29% in the y-direction. 
Ground motion T6 resulted in maximum drifts of 0.60% and 0.77% in the x and y directions 
respectively; During the last ground motion, the wall web sustained a diagonal shear failure 
resulting in web punching through part of the flange at the corner of the web; also, at least two 
horizontal bars in the web fractured and one of the flange edges crushed vertically. Although the 
overall system had strong degree of coupling, no damage was observed in the coupling beams. 
 In a PEER report published in December 2014, researchers Lu, Panagiotou, and 
Koutromanos summarized the calculated member forces consistent with a three-dimensional 
beam-truss model applicable for RC coupled wall systems. Their computations estimated the 
shear transferred by one coupling beam as Vcpl = 52 kN without accounting for the slab. In 
efforts to compute the strength considering the slab, an upper bound estimate for the effective 
flange width was assumed as 8 times the slab thickness on each side of the beam (i.e. 1.34m), 
resulting in an increased shear transfer of Vcpl = 219 kN. Accounting for slab contribution 
resulted in the base shear due to the bottommost coupling beam of Vb,cpl = 146 kN vs. 38 kN. 
Nevertheless, it was determined that the wall compression had a base shear due to coupling 
(Vb,cpl) exceeding the nominal moment times the effective height (Mn,w*heff,1) regardless of slab 
contribution confirming that the wall piers are strongly coupled. Similar to prior studies by 
Teshigawara, et al. (1996) and Aktan & Bertero (1984), the compression wall resisted the 
majority of the total shear force at the base of the building. The load path predicted by a strut-
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and-tie diagram and a Beam Truss Model (BTM) for the system is shown in Figure 2.4. The 49.5 
degrees diagonal angle of the strut-and-tie model allows for a direct strut between the 
compression zone of the coupling beam to the compression zone of the wall.  
 
Figure 2.4: Strut-and-Tie Model for Coupled Wall Specimen SLO (Lu, et al., 2014) 
 
2.5. Effective Stiffness 
 Another important parameter is the assumed coupling beam flexural effective stiffness 
which affects the degree of coupling and overall system response. Quantification of effective 
stiffness has evolved recently to incorporate bar slip/reinforcement effects versus using values 
recommended by ACI 318 and ASCE 41 provisions (Figure 2.5). The ACI 318 recommended 
values of EcIeff = 0.35EcIg and the ASCE 41-06 Supplement #1 recommended values of EcIeff = 
0.3EcIg for the secant stiffness to the yield point as acceptable estimates for a linear analysis used 
for a design level assessment.  
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Figure 2.5: Coupling Beam Effective Flexural Stiffness Ratios (PEER ATC-72-1, NZS 3101) 
 The New Zealand standards (NZS-3101) proposed an equation the depends on the 
expected ductility demand yielding values ranging from 0.5EcIg to 0.18EcIg for a ductility ratio of 
6 for a beam of aspect ratio ln/h = 2.4. The NZS proposed stiffness values have been revised to 
include a modifier factor depending on the beam clear span and bar embedment length, R = 
ln/(ln+0.8*ld), where ld can be approximated as 50*d. To approximate the effect of shear cracking, 
another modifier αc is also included, which varies depending on the level of shear stress (fv) and 
the beam aspect ratio ln/h (αc =1.0 for fv ≤ 3√f’c, psi). For nonlinear response history analyses, 
results from recent tests suggest the use of lower coupling beam effective stiffness values 
(accounting for bar slip effects) on the order of 0.15EcIg to 0.2EcIg, especially for beams 
achieving higher ductility targets. The effective stiffness combining effects of flexural rigidity, 
bar slip, and shear cracking using Grade 60 reinforcement near yield point is shown below. 
 Comparisons of backbone relations from more recent tests and the ASCE 41 backbone 
curves have shown that the recommended coupling beam effective stiffness of 0.3EcIg is too stiff 
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and underestimates the coupling beam shear strength and deformation capacity. Since the early 
1980s, suggestions have been made by researchers such as (Aktan & Bertero, 1984) to consider 
the reduction of end fixity due to fixed-end rotations (i.e. bond slip) in evaluating the stiffness of 
coupling beams. Once the added flexibility at the beam-wall interface due to reinforcement 
slip/extension is incorporated, models using lower effective stiffness values on the order of 
0.15EcIg show to be in good agreement with test results. Moreover, when prior tests performed 
by (Paulay & Binney, 1974) with lower span to depth ratios i.e. ln/h = 1.3 were assessed, the 
computed beam effective stiffness values were 0.08EcIg due to the significant shear deformations 
experienced by beams with lower ln/h ratios. 
 A useful approach for estimating coupling beam effective stiffness is outlined by Moehle 
(2014) using a truss model that estimates the deformation near yield (Figure 2.6). The principle 
of virtual work can be applied to derive equations for internal and external work (i.e. 
Σ(PL)/(EA)), solve for the displacements, and derive the stiffness (k = P/δ).  Considering the 
diagonal reinforcement inclination angle α, the free length of a diagonal bar as ln/cosα, and 
including an additional effective length of fydb/2200, psi (fydb/15, MPa) to account for strain 
penetration on both ends, the total elongation of a tension diagonal (δy) can be computed: 
𝛿6 = f 𝑙bcos 𝛼 + 𝑓6𝑑/2200k ∗ 𝑓6𝐸4 	 , 𝑝𝑠𝑖 
Although the compression strut in diagonally reinforced coupling beams is very stiff resulting in 
negligible displacement in compression, the deformation of the compression diagonal can be 
assumed as 20 percent of the tension diagonal deformation. This results in a total vertical 
displacement at yield, δv = (1.2*δy) / (2*sinα). The chord rotation at yield is thus: 
𝜃6 = 𝛿]𝑙b = 0.6 ∗ 𝑓6𝐸4 ∗ f 1cos 𝛼 + 𝑓6𝑑/2200 ∗ 𝑙bk ∗ 1sin 𝛼 	, 𝑝𝑠𝑖 
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The effective stiffness ratio expressed as GAe/GA can be expressed as: 𝐺𝐴C𝐺𝐴/𝑓 = 10𝜌]'𝑛 𝑠𝑖𝑛S𝛼1cos 𝛼 + 𝑓6𝑑/2200 ∗ 𝑙b , 𝑝𝑠𝑖	𝑤ℎ𝑒𝑟𝑒	𝜌]' = 𝐴]'/(𝑏[ℎ) 
 
Figure 2.6: Sample Effective Stiffness Ranges of Coupling Beams (Moehle J. , 2014) 
 In a comprehensive parametric study performed by Vu, Li, and Beyer (2015) a procedure 
was developed to determine the effective stiffness of reinforced concrete coupling beams 
considering the influence of flexural and shear deformations. They developed two equations to 
estimate the effective stiffness of coupling beams, each as a function of aspect ratio, transverse 
and longitudinal reinforcement, diagonal reinforcement, and concrete compressive strength. The 
proposed analytical approaches and equations were also verified with experimental results. The 
equations compute the initial stiffness of coupling beams by determining the yield lateral force, 
Vy = 2My/l and the yield displacement as the sum of the displacements due to flexure, bar slip, 
and shear. The main benefit of these two new equations is that they are a function of multiple 
parameters, versus just dependent on the span to depth ratio as used in current code 
recommendations or former studies by Paulay and Priestly.  
 Another procedure for estimating effective stiffness including the influence of 
slip/extension deformations is outlined in Appendix C of the dissertation by Naish (2010). This 
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procedure incorporates the contribution of slip/extension to the yield rotation using the approach 
recommended by (Alsiwat & Saatcioglu, 1992). In Naish’s experiments, eight different coupling 
beam specimens having aspect ratios of 2.40 or 3.33 were tested to failure: individual beams, 
beam with reinforced concrete slab, and beam with post-tensioned slab. It was found that the 
effective stiffness ratio (Ieff/Ig) did not vary much for the three different configurations (Figure 
2.7), especially after significant flexural cracks formed at the slab-wall interface and after beam 
chord rotations of 2%. 
 
Figure 2.7: Effective Stiffness Ratios from Test Results (ln/h =2.4), (Naish, 2010) 
The impact of the axial restraint on the effective stiffness due to the presence of the PT 
slab did not show a substantial difference in stiffness (about 0.15EcIg vs. 0.12EcIg at yield). This 
observation is further reinforced through finite element analyses performed by Bower (2008), 
who investigated the effect of axial restraint on stiffness and ductility of diagonally reinforced 
coupling beams.  Those results indicated that although the impact of axial restrain on the initial 
stiffness of the beam can be substantial, the impact on system behavior is minimal. 
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 The impact of varying coupling beam stiffness on overall system behavior was also 
explored through a sensitivity study of a 42-story building modeled in Perform 3D (Tuna, 2012). 
The prototype building consisted of a dual system with core coupled walls and four-bay special 
moment frames along the building perimeter. The coupling beams were designed with an 
effective stiffness of 0.2EcIg as well and shear-hinge modeling parameters and cyclic energy 
dissipation factors recommended by Naish (2010). Three separate models were analyzed using 
fifteen ground motions at the MCE level to determine how sensitive Engineering Demand 
Parameters responses (i.e. story drifts, coupling beam rotations, wall shear forces) were to 
variations in the stiffness and strength of the coupling beams. The coupling beam stiffness values 
were 0.20EcIg, 0.15EcIg, and 0.25EcIg for the Baseline model, Model 1, and Model 2 respectively. 
The coupling beam peak shear strengths were 1.33Vy, 1.15Vy, and 1.33Vy for the Baseline model, 
Model 1, and Model 2 respectively. The analysis results indicated that although changes in 
stiffness and strength impact coupling beam chord rotations, the core wall shear forces or story 
drifts remain relatively unaffected by these changes to the coupling beam designs.  
 Nonlinear analytical studies were also conducted (Tuna, 2012) to assess the factors 
influencing the collapse of the 15-story Alto Rio building during the 2010 Chile Earthquake. The 
building was deemed susceptible to collapse in the east-west direction for a number of reasons 
including large demands on the T-shaped wall configuration, the lack of closely-spaced 
transverse reinforcement at wall boundaries, vertical discontinuities at the east facade, and the 
variation of wall axial load due to the corridor slab coupling, especially when axial load 
redistributed after damage concentrated in another given wall. Additional features of this 
building may have also contributed to its collapse including the filled-in opening that created 
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regions of high shear, splices of web vertical bars, and splices of vertical bars in the wall 
boundary element which lacked sufficient transverse reinforcement.  
 
2.6. Restraint of Coupling Beam Axial Elongations 
 As a coupling beam rotates about its compression strut during lateral loading, axial 
elongations occur in the beam as the tensile reinforcement in the diagonally reinforced beam 
beings to yield (Figure 2.8). This axial growth becomes more pronounced as the beam undergoes 
further inelastic deformation and plastic hinges begin to form. The stiffness of the adjacent wall 
piers and the floor slab provide horizontal restraint against this axial growth. The slab, in 
particular, provides additional confinement to the coupling beam and increases its ultimate 
concrete strain. 
 
Figure 2.8: Coupling Beam Elongation (Bower, 2008) 
 As early as 1984, following analytical and experimental studies on a 1/3 scale 4 story 
coupled wall system, Aktan & Bertero recommended for engineers to evaluate the strength of 
coupling beams incorporating the contributions of axial compression that arise from 
redistributions of shear between two linked walls and from the slab. In addition to assessing 
 31 
coupling beam, when evaluating wall stiffness, the effects of axial force on flexural and shear 
stiffness and the contribution of shear distortion should also be considered (Aktan & Bertero, 
1984). The effect of the floor slab on the coupling beam can be investigated by analyzing the 
coupling beam as a tee beam versus a rectangular beam to help better predict the total energy 
dissipated by the coupled wall system. Analytical studies can also be carried out to investigate 
the increase in strength and effect on ductility of coupled wall systems accounting for the effects 
of axial restraint to the growth of the coupling beams.  
 Most prior research and experiments in this topic have assumed coupling beam axial 
strains to either be small or assumed that the beam is not restrained sufficiently to cause 
significant axial forces to develop. Prior tests that have assumed the coupling beam axial growth 
to be unlimited have obtained axial growths on the order of about 3 percent of the beam span 
(Kwan & Zhao, 2002; Kwan & Zhao 2003; Naish, 2010). However, one system level coupled 
wall test done at the University of Michigan had the coupling beam longitudinal expansion be 
partially restrained by the slab and as a result obtained lower maximum average axial strains of 
about 0.6-1.4% and axial forces in the beams of about 4 to 7 percent of the beam axial capacity 
(Lequesne, 2010). Further experiments on individual coupling beams restrained by an RC and a 
PT slab revealed that consideration of the slab results in increases of about 20% in beam moment 
capacities; A tested PT slab (prestressed to 150 psi) grew about 30-40% less than the RC slab 
and helped maintain the beam axial elongation to about 1.67% for rotations exceeding 6% (Naish, 
2010).  
 One goal from the previously mentioned analyses by Tuna, 2009 was to model the 15-
story Alto Rio building with and without slabs to assess the influence of floor slab coupling on 
system and wall responses. To capture this behavior in one model, elastic beam elements with 
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rigid-plastic moment hinges were used to model slab coupling between the corridor walls and 
perimeter walls using a slab-beam elastic stiffness of 0.3EcIg. The slab was sufficiently 
reinforced to allow the appropriate transfer of lateral forces without risking diaphragm failure as 
a potential failure mode. The results indicated the development of large slab rotations (about 0.03 
rad) confirming the corridor slab damage that was observed in a number of damaged buildings 
after the 2010 Chile Earthquake. Moreover, the model including slab coupling resulted in 
reduced roof drifts by about 10 percent and modest variations in the first floor wall axial load as 
shown in Figure 2.9 (0.06Agf’c - 0.13Agf’c versus 0.09Agf’c for the no-slab case). 
 
Figure 2.9: Comparisons of models with and without slabs (Tuna, 2009) 
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CHAPTER 3.  Coupling Beam Database 
3.1. Use of the Database for Model Validation 
3.1.1. Nonlinear Model Validation of the BRI 12-Story Test 
This section describes a nonlinear model of the BRI 12-Story Coupled T-Walls test 
structure that has been developed in the finite element software Perform 3D by Computer and 
Structure, Inc. (CSI).  Analytical results have been compared to the recorded experimental results 
such as base shear versus 12th floor displacement, wall axial and shear forces, and coupling beam 
moments, shears, and axial forces. Since the test provides valuable insight into the axial load 
transfer between the walls and coupling beams, parametric studies can also be conducted 
following the model validation to investigate the extent to which accounting for in-plane slab 
restraint will increase coupling beam stiffness and affect the system load-displacement behavior. 
The effects of the floor slab in restraining the coupling beam axial elongations can also be 
compared to the previous test results. Parametric analyses can help quantify the extent to which 
as beam axial restraint is increased, the coupling beam axial forces and moment strength increase. 
The BRI 12-Story Coupled T-Walls specimen is described in detail in 5.1.5. The 
specimen geometry, reinforcement, test material properties, and loading protocol are used to 
develop its nonlinear model in Perform 3D.  
The concrete material properties were based on the material tests performed on concrete 
cylinders prior to the test and the confined and unconfined material properties summarized in 
Section 5.1.5. Six different “Inelastic 1D Concrete Material” component properties were defined 
depending on the floor levels being considered for each of the unconfined and confined concrete 
cases. Concrete tensile strength was neglected. For unconfined concrete, the strength FU is taken 
as the ultimate compressive strength of concrete (f’c) and the strength FY is taken as a 70 percent 
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of f’c. For confined concrete, the strength FU is taken as the ultimate confined compressive 
strength of concrete (f’cc) and the strength FY is taken as a 50 percent of f’cc. Although strength 
loss parameters were defined as described, no cyclic degradation parameters were defined. The 
tri-linear concrete stress-strain relationships of the unconfined and confined concrete materials 
are summarized in Table 3-1 and a sample relation at the 12th Floor is presented in Figure 3.1. 
 
Figure 3.1: Concrete Stress-Strain Relationship at 12th Floor 
Table 3-1: Stress-Strain Relationships defined in the Concrete Material Properties 
Unconfined 
Concrete 
DU 
ε@ fmax 
DL 
(DL>DU) 
DR 
(ε@FR) DX 
FY = 0.7f’c 
(kN/mm2) 
FU = f’c 
(kN/mm2) FR/FU 
12th 0.002 0.0021 0.012 0.1 0.0193 0.0275 0.01 
10-11th 0.002 0.0021 0.012 0.1 0.01864 0.02664 0.01 
7-9th 0.002 0.0021 0.012 0.1 0.01965 0.0281 0.01 
4-6th 0.002 0.0021 0.012 0.1 0.02041 0.02916 0.01 
2-3rd 0.002 0.0021 0.012 0.1 0.02846 0.04066 0.01 
1st 0.002 0.0021 0.012 0.1 0.02755 0.03935 0.01 
 
Confined 
Concrete 
DU 
ε@ fmax 
DL 
(DL>DU) 
DR 
(ε@0.2f’cc) DX 
FY~0.5f’c 
(kN/mm2) 
FU = f’cc 
(kN/mm2) FR/FU 
12th 0.00484 0.005 0.058 0.1 0.01101 0.03535 0.2 
10-11th 0.00494 0.005 0.059 0.1 0.01065 0.03445 0.2 
7-9th 0.00479 0.005 0.046 0.1 0.01123 0.03589 0.2 
4-6th 0.00468 0.005 0.038 0.1 0.0166 0.03697 0.2 
2-3rd 0.00431 0.005 0.045 0.1 0.01626 0.05007 0.2 
1st 0.00439 0.005 0.045 0.1 0.01574 0.04876 0.2 
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 The steel reinforcement component properties for the model were defined for each of the 
four rebar types (D6, D10, D13, D16 bars) as “Inelastic Steel Material, Non-Buckling” materials 
using tri-linear stress-strain relationships (Figure 3.2). Strength loss and cyclic degradation were 
not modeled for the reinforcement material properties. The tri-linear stress-strain relation 
assumed high-ductility reinforcement with strain hardening occurring at a strain of 0.075. The 
stress-strain relationship is shown below for one of the rebar types (i.e., D16 rebar). 
 
Figure 3.2: Stress-Strain Relation of D16 Rebar 
 Shear behavior was modeled using an effective elastic shear modulus of 0.5G for the 
shear wall fibers and 1.0G for the coupling beam fibers where G = E/(2*(1-ν)). The use of an 
elastic uncracked shear stiffness for the material, “Elastic Shear Material for a Wall”, is 
appropriate given the large aspect ratio of the walls (Hw/lw = 14.4m/2m = 7.2) and the high ratio 
of shear capacity to shear demand (about 6√f’c bd / Vb). Sensitivity studies showed that changing 
the shear properties of the coupling beams from 0.5G to 1.0G did not result in significant 
changes in the global response. Moreover, current guidelines in the PEER ATC-72-1 report 
recommend using an effective shear stiffness of Geff ~  Gc = 0.4*Ec for coupling beams with ln/h 
≥ 2.0 that are dominated by flexure. For shear-governed coupling beams with ln/h ≤ 1.4, the use 
of 0.25G = 0.1Ec is appropriate when beam effective stiffness values are about 0.15EcIg and 
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deformation at yield resulting from flexure and shear are equal. The PEER ATC-72-1 also 
summarizes nonlinear analytical studies that were done for a coupled core wall building subject 
to the 1994 Northridge Earthquake ground motion. Analysis results over the building height 
showed that moments and shear force responses were relatively insensitive to the prescribed 
variations in shear stiffness. Nevertheless, for buildings with perimeter basement walls 
surrounding the core below the podium level, variations in wall shear stiffness values do 
significantly impact the magnitude of force transfer between the core walls and exterior 
basement walls through the podium level diaphragms.  
 The wall sections were modeled using a combination of inelastic shear wall fiber 
elements dependent on material stress-strain relationships. In Perform 3D, the shear wall 
elements are 4-noded and organized in two parallel layers for axial-bending and shear. The axial-
bending properties are modeled with fiber sections consisting of concrete and steel components 
while the shear properties are modeled with a shear material having a defined stress-strain 
relationship assuming constant shear stress in an element. 
 The shear wall compound components (Figure 3.3) consisted of the defined fiber sections 
using the wall thickness of 200 mm, an unreduced elastic modulus for concrete, and the defined 
“Elastic Shear Material for a Wall”. The self-weight density of the wall components was defined 
as 150 pcf (2.36e-8 kN/mm^3). The out-of-plane behavior of the inelastic shear wall sections 
were assumed be linear elastic with a thickness of 200 mm and an elastic modulus of 0.25*Ec. 
 
Figure 3.3: Shearwall Fibers 
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 The importance of modeling coupled walls using fiber elements has been emphasized in 
various studies in efforts to obtain reliable moment and shear force distributions over the 
building height. Studies, such as the PEER/ATC-72-1 parametric analyses on a coupled wall 
system subject to Northridge earthquake ground motions, have indicated that incorporating 
yielding in the upper stories of a building using fiber elements has a significant impact on the 
magnitude and distribution of shear forces. When nonlinear fiber elements are used to model the 
core walls and yielding in upper level wall piers are accounted for, moment magnitudes and 
shear force distributions substantially reduce, especially within the wall hinge region, as 
compared to using a non-fiber model prediction. 
 In order to ensure a moment-resisting connection between the coupling beams and the 
shear walls, the coupling beams at each floor level were connected to the wall by additional 
horizontal beam elements imbedded in the wall. These elastic imbedded beams extended the full 
length of the wall and had large bending stiffness values. If these embedded beams were not 
included, the beam-to-wall connection would behave as pinned since shear wall elements in 
Perform-3D do not have an in-plane rotational stiffness at their nodes (Powell, 2007). The 
sections measured 400 mm deep matching the coupling beam depths and were set to be 2000 mm 
wide to act as having a large bending stiffness. The axial area of the beams was made negligible 
by specifying a very small area of 100 mm2. The elastic modulus, shear modulus, and Poisson 
ratio were defined depending on the concrete material properties at the specific floor level. 
 In addition to the modeled elements mentioned above, 2-noded axial strain gage elements 
were also modeled to obtain strain results. The strain gages used the “Deformation Gage” 
element type having a tensile strain (fy/E) of about 0.002 and a compressive strain of about 0.006. 
In regards to coupling beam modeling, since the BLB and BMB individual coupling beam tests 
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confirmed the center coupling beam load cell to not affect the behavior, the nonlinear studies did 
not model the center load cell as a separate element having axial and bending stiffness. 
 The coupled wall system model was subject to applied gravity loads followed by a series 
of nonlinear static pushover analyses. Gravity loads, including wall self-weight and 
superimposed axial load, were distributed as line loads on the imbedded beams and the dummy 
beams that were modeled along the top of the wall elements at the 12th, 7th, and 4th levels (0.183, 
0.0635, and 0.0515 kN/mm respectively). The sequences of lateral pushover load cases were set 
up to simulate the displacement history that the walls were subjected to during the actual test. 
The lateral load pattern consisted of nodal loads that incrementally increase at the 12th, 7th, and 
4th levels in ratios of 1, 1.97, and 3.73 respectively. After application of gravity forces, a static 
pushover load case was ran to match the test loading history.  
 Two different models were developed for capturing the behavior of the coupling beams. 
Model A (Figure 3.4) uses compound components consisting of an elastic beam section with 
concentrated inelastic moment-rotation hinges at each end of the coupling beam. Model B 
(Figure 3.5) uses fiber elements for the coupling beam sections with defined steel and concrete 
material properties.  
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Figure 3.4: Beam Model A  Figure 3.5: Fiber Model B 
  
The first analytical study (Model A) consisted of using lumped plasticity moment-hinge 
models for the coupling beams along with inelastic shear wall fiber elements to model the 
flanged wall sections connected by the coupling beams. The elastic beam section was modeled as 
200 mm wide by 400 mm deep with defined elastic modulus and shear modulus. However, the 
effective bending stiffness was reduced to 0.14EcIg by specifying the value for the moment of 
inertia to be only 14 percent of the gross calculated value. This effective stiffness was computed 
based on recommendations by (Naish, 2010), Appendix C, to account for rotations due 
slip/extension of the reinforcement and rotations due to flexure. 
 The coupling beam moment-rotation hinge properties were based on calculations of the 
beam moment strength (Figure 3.6) without considering any axial loads on the beam section. The 
moment strength was computed using moment-curvature analyses based on the section geometry 
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and the steel reinforcement areas of the longitudinal bars and the horizontal component of the 
diagonal bars (Avd*cosα). The shear strength was computed based on the ACI 318 equation for 
capacity of diagonal reinforcement, Vn = 2*Avd*fy*sinα. The calculated moment and shear 
capacities are shown in Table 3-2. Calibration studies were performed in determining the DL and 
DR strength loss parameters for the nonlinear moment-hinge component properties of the 
coupling beams that would best match the behavior shown in the experimental results. 
Tri-linear force-displacement relations were defined for the coupling beams at each level 
including strength loss and cyclic degradation parameters. A sample set of beam moment-
rotation hinge parameters are shown in Figure 3.6 for the 2nd Floor coupling beam. 
 
Figure 3.6: Moment-Rotation Hinge Properties of the 2nd Floor Coupling Beam 
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The second analytical study (Model B) consisted of using inelastic fiber elements to 
model the flanged wall sections as well as the coupling beams. The fiber sections used for the 
shear walls and coupling beams consist of steel and concrete fibers (neglecting concrete tensile 
strength). The fibers at the wall boundaries of the flanged wall sections with higher transverse 
reinforcement ratios are modeled with confined concrete stress-strain relationships, while the 
fibers in the wall web regions are modeled with unconfined concrete. The coupling beam 
elements consist of unconfined concrete fibers due to a larger 100 mm spacing of the ties 
surrounding the longitudinal and diagonal reinforcement (Figure 3.7). The fiber model should 
also account for the the 500 mm embedment length of the diagonal bars into the wall piers.  
   
Figure 3.7: Moment-Rotation 
It is important to note that in Perform 3D, the difference in strain between reinforcement 
and surrounding concrete cannot be explicitly accounted for at the fiber level. A fiber section in 
Perform 3D assumes equal strains between any steel fiber and the surrounding concrete. 
Assuming εs = εc is adequate for a non-prestressed concrete member if there is no bond slip 
between the concrete and the reinforcement. But in coupled wall systems, accounting for bar slip 
effects at the beam-wall interface is important. The assumption of equal strains between the rebar 
and surrounding concrete within the fiber may cause the model to predict an earlier concrete 
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cracking and delayed steel yielding than reality. Additional modeling investigation is required on 
this topic to obtain an improved understanding of strains. .  
 In regards to fiber element sizes, consideration of strain localization is important in order 
to objectively predict the force-displacement response at the global or element level as well as 
the peak curvature demands at the section level in plastic hinge regions. It’s important to 
consider how sensitive the global responses and local responses, such as concrete compressive 
strains and steel tensile strains, are to the assumed values for the fiber element sizes. It was 
determined that a fiber element length of 200 mm be used for the coupling beams in order to 
estimate strain responses. It is noted that the analyses were also run with the fiber lengths of 150 
mm and 400 mm in determining the optimal length to be used in the model. Revising the fiber 
length from 200 mm to 150 mm had negligible impact on the global response. However, revising 
the fiber element length from 400 mm to 200 mm resulted in modest changes in local and global 
responses. Discretizing each of the fiber elements into eight vertical fibers instead of four 
vertical fibers also resulted in capturing the degradation of the overall response more accurately. 
For comparing analytical and experimental local responses, the length of the coupling beam fiber 
elements needs to be adjusted to the gauge length for the horizontal sensors provided in the test. 
 Since the loading was applied in the wall direction of the flanged coupled wall system, 
bidirectional effects were neglected as not having a significant effect on the response. Moreover, 
significant torsional response was not observed during the experiment and not explicitly modeled. 
Although this experiment is subject to quasi-static loading, the model can be extended for use in 
nonlinear response history analyses subject to selected ground motion records for future studies. 
The data from the Coupled T-walls test can be used as a benchmark for analytical studies for 
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coupled wall system. In addition to validating the nonlinear model, the analysis results provide 
insight in global interaction issues that are not typically addressed in component-level studies.  
Comparisons between analytical and experimental global and local responses for the 
coupled T-walls system were obtained. The nonlinear analytical results using Model A (Figure 
3.8) reasonably match the test results. The coupling beam moment-hinge rotation response is 
also reflective of the backbone relation specified in Perform3D (e.g., at the 10th Floor presented 
in Figure 3.9).  
 
Figure 3.8: Analysis Results of Model A 
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Figure 3.9: 10th Floor Coupling Beam Moment-Rotation with Model A 
Comparisons show that the model adequately captures the initial stiffness of the system. 
The model’s predicted hysteretic responses also reasonably match the global response from the 
experiment until a 12th floor drift value of 0.02. For 12th floor drifts beyond 0.02, discrepancies 
in the pushover results are observed because of the assumed strength loss and degradation 
modeling parameters. Earlier softening is observed in the pushover curve of the moment-hinge 
model when compared to the experimental results. It is also noted that the fundamental period 
calculated from the model in the wall direction of the building is about 0.9 seconds. 
Direct measurements of the axial forces that developed in the coupling beams during the 
experiment can be compared to the experimental results to validate the model. The displacement 
My = 50,415 kN-mm 
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measurements from the horizontal sensors that were attached to the beam ends can also be used 
to estimate the neutral axis depth in the coupling beams and the beam elongation. Beam end 
rotation can be calculated by extracting the positive and negative strains at the extreme fibers of 
the first beam fiber segment and integrating these strains over the length of the fiber segment to 
obtain top and bottom displacements; the difference between the top and bottom displacement 
can be divided by the beam height, h= 400 mm to obtain beam end rotations. To compare with 
test measurements, the gauge length used for the beam sensors in the experiment is important to 
get beam rotations and beam growth values. If experimental values are average rotations and 
average elongations over a longer gauge length versus in the model, analytical model 
calculations can be repeated accounting for deformations within the additional length beyond Lcr 
of the first fiber segment. 
 The coupling beam axial growth (or beam elongation) at a given coupling beam rotation 
at mid-height of the beam can be computed as the average of the calculated top and bottom 
displacements.  By having axial growth at beam mid-height and beam rotation values, axial 
growth or gap opening can be calculated at any location along the 400 mm height of the coupling 
beam (i.e. @ bottom: 3 mm+0.03*(400mm/2)). 
 In efforts to quantify the various contributions to the total shear and base moment 
resistance of the test structure, the wall response (in terms of wall moment resistance) can be 
isolated from the global responses. By isolating the wall response, we can quantify the degree of 
coupling action between the coupling beams and the walls in contributing to the lateral load 
resistance of the test structure. The moment resistance of coupling action can be computed from 
the force couple produced by the axial loads at the wall bases. The degree to which beam shear 
forces (at either end of the wall at each floor level) affect the magnitude of the wall axial load 
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can also be assessed.  Further computations can be done at different drift levels (e.g., at 1.5%, 
2.0%, 3.33% drift) to decompose the global lateral resistance to its different contribution sources 
such as the shear walls versus coupling effects. 
The pushover results using Model B also reasonably match the test results (Figure 3.9). 
The analytical pushover curve reasonably matches the test results, especially for drifts up to 
about 0.7%; however, the assumed degradation parameters associated with the coupling beam 
fiber elements are not tuned to best capture the behavior for drifts exceeding 2%. Note that axial 
load effects stiffen beams to reach bending strength of ~ 165 kN-m at axial loads of ~ 980 kN. 
 
Figure 3.10: Analysis Results of Model B 
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Analysis results from Model B (e.g., story shear, story stiffness, coupling beam axial and 
shear forces, and wall axial forces) at three different drift levels are included in Appendix B. 
Along the building height, the lower level walls experience more compression forces (see Figure 
3.15, at 1st floor versus 10th floor), especially at the extreme compression fiber. From the 
analytical results it is evident that the 1st floor walls on the compression side of the system carry 
a large compression force. This is consistent with the expected failure mode of concrete crushing 
at the base of the wall in addition to the coupling beams having formed plastic hinges along the 
height of the building. In addition to validating the nonlinear model, the analyses allow for later 
investigations of slab effects on beam flexural capacities and provide valuable insight into the 
overall load-displacement response of coupled wall systems. 
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3.2. Use of the Database for Modeling Parameters 
 Through developing backbone curves from experimental data, trends for various 
behaviors can be analyzed for coupled wall systems including coupling beam moment and shear 
strength, stiffness, and deformation capacity at moderate strength loss. Various current relations 
for coupling beam strength and stiffness have been reviewed as part of this study for comparison 
with the available test data to assess the confidence level of the relations that best estimate the 
behavior.  One parameter of significance is the assumed effective stiffness of coupling beams. 
Current design and modeling guidelines for coupled wall systems generally neglect the stiffness 
contribution of the floor slab and recommend coupling beam effective stiffness values of about 
0.30 EcIg, whereas recent experimental results recommend values of about 0.15 EcIg. Various 
effective stiffness models are compared with individual beam test results as well as incorporated 
in system level models to compare with coupled wall system experimental results. 
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3.2.1. Background on Coupling Beam Effective Stiffness 
The value assumed for coupling beam effective stiffness plays an important role in the 
load-deformation behavior of the beam and overall system. Various recommendations for 
effective stiffness values are compared here. A comprehensive estimate of effective stiffness is 
dependent not only on the beam aspect ratio (ln/h), but also on reinforcing bar slip effects. 
Recommendations from codes such as FEMA 356, ASCE 41-06, and NZS-3101 as well as 
recommended procedures by researchers such as Paulay & Priestley, Taranath, and Naish are 
compared in Table 3-2. Estimating effectiveness following the procedure recommended by Naish 
(2010) best matches the BRI Japanese Coupled T-walls test results. The procedure by Vu, Li, & 
Beyer underestimates the EcIeff for these specimen with relatively low diagonal reinforcement 
ratios (i.e. 0.35% at Levels 8th-Roof and 0.54% at Levels 2nd-7th).  However, the relation 
proposed by Vu, Li, & Beyer and the procedure prescribed in Naish (2010) Appendix C both 
result in comparable effective stiffness values of around 0.10 for the coupling beam specimen 
CB24F having a higher diagonal reinforcement ratio 2.2%. 
Table 3-2: Summary of Guidelines Estimating Coupling Beam Effective Stiffness 
Code/Researcher Proposed Estimate for EcIeff/EcIg: 
ACI 318-11 a) 0.35, or b) (0.1+25ρs)(1.2-0.2*b/d) ≤ 0.5 
FEMA 356 0.5 
ASCE 41-06  
Supplement #1 0.3 
Naish (2010), Appendix C See sample calculation in Section 5.2.1 
   (Conventional Reinforcement )  (Diagonal Reinforcement ) 
NZS 3101 0.4 / (1+8(d/l)^2) 
A / (1.7+C(d/l)^2) 
A = 1.0, 0.40; C = 1.3, 2.7 
for μ = 1.25, 6.0 respectively 
Paulay and Priestley 
(1992) 0.2 / (1+3(d/l)^2) 0.4 / (1+3*( d/l)^2) 
Taranath (1998) 1 / (1+2.4(d/l)^3*(l+ν) 
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The range of estimates for coupling beam effective stiffness presented in Figure 3.11 is 
very large, with the model proposed by Taranath being the most different. Moreover, the 
recommendations by Vu, Li, & Beyer as well as the truss model approach recommended by 
Moehle (2014) result in the lowest coupling beam effective stiffness values. The results of 
calculated effective stiffness values are presented in the following pages. The more important 
question is how these variations affect the overall behavior of the system. 
 
Figure 3.11: Various Estimates for Coupling Beam Effective Stiffness 
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3.2.1.1 Slab Effects on Coupling Beam Effective Stiffness and Strength 
Reinforced concrete floor slabs have many important roles in typical buildings including 
affecting the system’s overall stiffness. Foremost, floor slabs resist gravity loads, demands 
caused by vertical accelerations, and wind uplift in roofs as well as resist reaction from retaining 
walls if any. Moreover, in addition to providing lateral support to vertical elements, diaphragms 
transfer inertial forces to the lateral force resisting system. Slabs can also affect the responses of 
beams built integrally with them; connections between slabs and columns or walls can be critical 
in transferring diaphragm forces. 
 Diaphragms are typically modeled with some finite amount of stiffness; they are usually 
modeled as either perfectly rigid (with kinematic constraints), semi-rigid (with some type of 
finite elements), or flexible (e.g. for light wood-framed buildings). A rigid diaphragm would not 
allow for the elongation of the coupling beam fibers and can cause unrealistically large 
compressive axial forces to develop in the beams in order to satisfy compatibility. Detailed 
modeling of diaphragms can help assess the force transfer among elements of the lateral force-
resisting system, the effects of openings, and the effects of irregularities.  
 Accounting for the interaction of the coupling beams with the floor diaphragm has a 
significant effect on restraining axial elongations and increasing the flexural strength of the 
beams. It is plausible that slab effects may not be as significant in coupling beams with low span-
to-depth aspect ratios in which the stiffness is controlled by shear. Composite action with the 
slab mostly affects the bending stiffness and is more significant in coupling beams of higher 
span-to-depth aspect ratios whose behavior is more flexure-controlled. The increase in moment 
strength accounting for the slab can be attributed to T-beam action as well as to the restraint of 
axial elongations. 
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 The extent of the influence slab effects can have on the system depends on the amount of 
cracking the slab experiences. Naish, et al. performed two experiments, one for a coupling beam 
with a reinforced concrete slab and another for a coupling beam with a post-tensioned slab. It 
was noted that the secant stiffness values for the tests with slabs were only moderately higher 
than the stiffness values for the corresponding plain rectangular beam due to the development of 
cracks across the slab at the slab-wall interface. From analyzing the backbone relations derived 
from test on beams with ln/h = 2.4, the presence of a slab increased the peak shear strength by 20% 
to 25% as shown in Figure 3.12, but it did not impact the beam deformation capacity as shown in 
Figure 3.13 (Naish, 2010). 
Figure 3.12 Comparison of Effective Stiffness and Backbone Relations (Naish, et al., 2012) 
Figure 3.13 Coupling Beam Load-Deformation Relations (Naish, et al., 2012) 
 53 
In a nonlinear model of the BRI 12-story coupled T-walls (described in section 4.3), the 
coupling beam effective stiffness values were varied per the proposed guidelines tabulated below. 
Comparing the pushover results to the test results reveals that the models using 0.14EcIg and 
0.30EcIg both match the pushover response reasonably well (Figure 3.14). However, assuming 
0.03EcIg underestimates the initial stiffness up to a drift of about 0.5% and does not capture the 
system degradation well.  
Coupling Beam 
EcIeff/EcIg 
Researcher 
0.30 ASCE 41-06 Supplement #1 
0.14 Naish (2010) Appendix C 
0.03 Vu, Li, & Breyer (2015), Moehle truss model (2014) 
 
 
Figure 3.14: BRI Test with Varying EcIeff 
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In order to capture the interactions of the beams with the floor system, it is important to 
explicitly model the floor slab using elastic shell elements. The slab shell elements need to be 
modeled with an appropriate effective stiffness to account for slab cracking and deterioration. 
Previous analytical studies from the E-Defense Shake Table test show that using 25% of the slab 
gross section thickness is an appropriate in-plane stiffness approximation matching experimental 
results (Gavridou, 2015).  
 To estimate the slab bending stiffness, the floor slab can be modeled using beam 
elements with an appropriate effective width of the beams (Kang, T. H-K.; Wallace, J.W., 2005). 
The effects of cracking on the stiffness of reinforced concrete slabs can also be captured using an 
equivalent frame model. Vanderbilt and Corley (1983) proposed using a slab flexural stiffness of 
one-third of the gross-section value. An effective beam width model developed for concrete 
moment frames can also be adjusted for use in coupled wall systems. Hwang and Moehle (1993) 
recommended using an effective width for interior framing lines equal to β(5c1+0.25l1) where β 
represents cracking effects ranging from one-third to one-half, c1 is the column dimension in the 
direction of the frame, and l1 is the center to center span in the direction of the frame. For 
exterior frame lines, they recommend using half of the effective width for interior framing. It is 
important to note that since prestressed slabs are less likely to crack, it may be appropriate to 
model the slab using the equivalent frame model with β=1.0 or without the one-third factor 
proposed by Vanderbilt and Corely.  
 Although the floor slab can be explicitly modeled using finite elements, it may not be 
truly representative of real-life applications. Even an elaborate finite element mash can fail to 
capture important aspects such as cracking of the slab, long term creep, construction sequence 
effects, and complex interactions between the slab and the walls (Powell). 
 55 
A preliminary study was undertaken using a validated model of the 12-Story Coupled T-
Walls specimen to include a slab (Figure 3.15). This study explores the importance of 
incorporating slab effects in obtaining realistic estimates of force and displacement demands and 
lateral strength of coupled wall systems. Ignoring slab effects overestimates beam axial growth 
while underestimating the stiffness and flexural strength of coupling beams; meanwhile, a rigid 
diaphragm assumption does not allow for the elongation of the coupling beams thus causing 
unrealistically large compressive axial forces to develop in the beams in order to satisfy 
compatibility. Accounting for the interaction of coupling beams with the floor diaphragm in 
restraining axial elongations and increasing beam flexural strengths is especially important for 
coupling beams with high span-to-depth aspect ratios whose behavior is flexure-controlled. Slab 
effects are examined in a Perform 3D model of the 12-story Coupled T-walls system whose 
coupling beams are flexure-controlled with an aspect ratio of 2.5. 
 In Perform 3D, Material properties were defined for a slab with a Poisson ratio of 0.2 and 
a Young’s modulus of 3605 ksi, assuming normal-weight concrete with a concrete compressive 
strength f’c of 4000 ksi (57√(4000)).  Under Cross Sections, Slab and Shell sections, the “Slab or 
Shell, Elastic Section” cross section was defined. For the slab cross section, effective thickness 
values were input for bending and membrane behavior. Note that strengths and self-weight 
parameters can also be included. New elements were then added to the model with assigned 
orientations and properties. 
 The effect of in-plane action of the slab is accounted for by explicitly modeling elastic 
shell elements with a specified effective membrane thickness (Figure 3.21). Each slab/shell 
element is an elastic 4-node element with a membrane (in- plane) and plate bending (out-of-
plane) stiffness. Each of the four nodes of the shell elements connects to nodes of either the 
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coupling beam fiber elements and/or the wall fiber elements. The connectivity ensures that the 
moment, shear, and axial force transfer is adequately modeled between all elements resisting 
lateral load.  
Figure 3.15: 3D Model View with Added Slab/Shell Elements 
 The slab element is modeled using the “Slab or Shell, Elastic Section” with specified 
stiffness properties. The membrane (in-plane) stiffness is dependent on the effective thickness 
value specified in the cross section properties (i.e., 100 mm), while the bending stiffness is 
neglected by setting the bending thickness to a small value (1mm). The concrete slab material 
properties (NWC) are based on a Poisson ratio of 0.2, compressive strength f’c of 4 ksi, elastic 
modulus Ec of 3605 ksi (24.856 kN/mm2), and a shear modulus G = Ec/(2*(1+ν)). In order to 
account for concrete cracking, the effective stiffness of the slab shell elements should be reduced. 
This can be accomplished by either reducing the effective slab thickness or by reducing the 
effective moduli. For example, previous analytical studies from the E-Defense Shake Table test 
(Gavridou, 2015) conclude that using 25% of the slab gross section thickness best matches 
experimental results. In this study, the membrane thickness is varied from 100 mm to 0.1 mm to 
assess the resulting responses. 
slab elements 
Wall fiber C.B. fiber 
elements 
Imbedded beam 
Strain gage 
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In this parametric study, the gross elastic modulus was reduced to 0.5Ec = 12.428 
kN/mm2 and the gross shear modulus was reduced to 0.8G = 8.285 kN/mm2 in order to account 
for concrete cracking in accordance with performance-based design guidelines. Materials 
properties for an “Elastic Material for a Slab or Shell” were defined considering the slab 
orientations with Axis 1 being normal to the element (usually downwards) and Axes 2 and 3 as 
the principal directions in-plane of the element. No other slab strength properties were modeled. 
 Global pushover results are presented for slabs of varying effective membrane thickness 
in Figure 3.16. More detailed analytical results at 1.5% drift are presented for the model with 
slab elements of 100mm effective thickness. It is observed that as the slab effective thickness is 
increased, the coupling beams are able to develop higher moment strengths due to the axial load 
effects. Also, modeling the coupling beams as fiber elements enables to better capture the 
cracking of the concrete fibers resulting in a shift in the neutral axis. The presence of a slab helps 
restrain the beam axial growth, thus causing the beam to be effectively stronger in bending. 
Pushover results including slab effects show increased force-deformation relationships. 
For the model with 25mm slab, the compressive axial forces suddenly drop for all the 
coupling beams at a drift of about 2.7%. Maximum compressive strains stop at -0.001, but 
DX=0.1 (at tension side εt,max = 0.07 - 0.08, at compression side εc,max = -0.001). This is due to 
the occurrence of concrete crushing. When the slab is modeled with a thicker effective stiffness, 
more axial force is transferred through the coupling beams causing increased strength and 
allowing the system to sustain the high pushover strength.  
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Figure 3.16: Pushover Response including Slab Effects 
 The wall axial forces are also impacted as shown in Table 3-3. As the drift level increases, 
the force in the tension wall side increases (more positive tension) while the force in the 
compression wall side decreases to be more negative (more compression). It is interesting to note 
that the flanged wall section geometry results in most of the compressive axial loads being taken 
near the flanges of the T-walls on the compression side. As expected from the test results, the 
ratio between the shear resisted at the base of the compression wall (near the flanged portion) 
versus the base of the tension wall is 9 to 1.  
 Story shears at 1.5% drift were obtained from the sum of the shears at the base of all wall 
sections at each level (Table 3-4) as well as wall axial forces and moments (Table 3-5). The 
maximum shear values depend on the developed wall shear strength capacities based on f’c, steel 
-1234 kN of lateral resistance. 
Drop in coupling beam 
compressive axial forces 
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reinforcement, and the length of the confined zone. At 1.5% drift, the base shear is 2740 kN and 
the base moment is about 27,400 kN-m. 
Table 3-3: First Floor Wall Axial Forces 
 
Table 3-4: Story Shears with Slab Effects   Table 3-5 Axial Forces and Moments  
   
 Section cuts at the beam-wall interface show that increased axial compression results in 
higher moment strength Mn (Table 3-5). Note that coupling beam moment strengths with axial 
load being zero range between 50,000 to 67,000 kN-mm. But when considering axial load effects, 
section analysis calculations including P-M interaction (Figure 3.17) show that the maximum 
strength the lower level coupling beams can have is about 163,000 kN-mm. This is consistent 
with the maximum moments being reached in the model. Results for section cuts evaluated from 
the coupling beam fiber elements to track the axial-moment force behavior of the beam are 
presented in Appendix B.  
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Figure 3.17: P-M Interaction Diagram for Second Floor Coupling Beam from BRI Test 
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3.2.2. Assessment of Coupling Beam Effective Stiffness 
In this study a comprehensive database was created from 46 conventionally reinforced 
and 58 diagonally reinforced coupling beam specimen that were formerly tested by other 
researchers between 1969 to 2016. The experimental yield shear and yield displacement are 
obtained from each specimen. An effective stiffness can be computed for each specimen at the 
point of yielding by setting equal the experimental yield displacement and the sum of the 
displacements due to flexure, bar slip/extension and shear. The shear deformation can be 
subtracted from the experimental yield displacement to represent the portion of the displacement 
due to flexure and bar slip/extension.  The shear deformation for a rectangular beam is calculated 
using the relation below using the yield shear force (Vy), beam span (L), beam section area (Av), 
and the concrete shear modulus Gc. Two cases are analyzed using Gc = 0.4Ec and also Gc = 0.2Ec.  
𝛿4-C{| = 1.2 ∗ 𝑉6 ∗ 𝐿𝐺:𝐴]  𝛿6,C};. = 𝛿6,8~8{ = 𝛿C}|C + 𝛿4; C}8.⁄ + 𝛿4-C{| 𝛿6,8~8{ − 𝛿4-C{| = 𝛿C}|C + 𝛿4; C}8.⁄  ↓ 𝐸:𝐼C𝐸:𝐼 = 𝑉6 ∗ 𝐿12 ∗ 𝐸: ∗ 𝐼 ∗ (𝛿C}|C + 𝛿4; C}8.⁄ ) 
This computed effective stiffness is then adjusted for scale, slab, and membrane in-plane 
restraint effects: 
• The portion of the deformation due to slip/extension contributes to scale effects. The 
slip/extension deformation of the scaled test specimen and their respective full-scale 
prototypes were calculated and compared. For diagonally reinforced coupling beams, the 
difference in the resulting effective stiffness using the scaled specimen versus the full-scale 
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prototypes led to an average factor of 1.1 to account for scale effects. Instead of directly 
using the slip/extension deformation of the full-scale prototypes, the slip/extension 
deformation of the scaled test specimen is adjusted by this average factor because we are 
using the experimental yield properties from scaled test specimen to derive an effective 
stiffness.  
• Slab effects are examined by calculating the yield moment and nominal moment capacity 
based on moment-curvature analysis for each specimen and its counterpart prototype having 
an effective slab width consistent with ACI 318-14 Section 6.3.2.1. An 8” thick reinforced 
concrete slab with minimum reinforcement (4 #4 bars within the effective width) is used for 
a full-scale prototype beam. The ratio of the moment capacity with a slab and without a slab 
was averaged for positive bending and negative bending for each specimen. The average 
factor for slab effects across all specimens is about 1.2. 
• An additional 1.2 factor is applied to account for the in-plane membrane restraint provided 
by the slab. 
The adjusted effective stiffness is computed as: 
𝐴𝑑𝑗𝑢𝑠𝑡𝑒𝑑	 𝐸:𝐼C𝐸:𝐼 = 1.1 ∗ 1.2 ∗ 1.2 ∗ 𝑉6 ∗ 𝐿12 ∗ 𝐸: ∗ 𝐼 ∗ (𝛿C}|C + 𝛿4; C}8.⁄ ) 
The best-fit trends are summarized in Table 3-6 with the data presented in Figure 3.18. 
The computed experimental effective stiffness for the test specimen considered are summarized 
in Table 3-7 for diagonally reinforced (DR) coupling beams and Table 3-8 for conventionally 
reinforced (CR) coupling beams.  
The results from this study have been used to help propose the coupling beam effective 
stiffness relation, EcIeff/EcIg = 0.07(ln/h), which has been adopted in the LATBSDC (2017) and 
PEER TBI v2.0 (2017) guidelines.  
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Table 3-6: Best-fit Trends of Coupling Beam Effective Stiffness 
CB EcIeff/EcIg Trends δv computed with G = 0.4Ec δv computed with G = 0.2Ec 
Diagonally  
Reinforced (DR) y = 0.068(ln/h), R
2 = 0.66 y =  0.073(ln/h), R2 = 0.58 
Conventionally 
Reinforced (CR) 
(Paulay specimens excluded) 
y = 0.028(ln/h)^1.586, R2 = 0.78 
 0.0538(ln/h), R2 = 0.6877 
y= 0.030*(ln/h)^1.561, R2 =0.76 
OR 0.0559*(ln/h), R2 = 0.6765 
 
 
 
Figure 3.18: Trends for Coupling Beam Effective Stiffness 
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Table 3-7: Computed Effective Stiffness of DR Coupling Beams 
Diagonally Reinf. 
Coupling Beams Year Scale Specimen ln/h 
f'c 
(MPa) 
fy,d 
(MPa) 
ρd 
(%) 
ρl 
(%) 
ρv 
(%) 
Experimental 
Ieff,yield/Ig (%) 
Lim, Hwang et al. 2016 ~1/2 
CB10-1 1.00 34.5 486 1.63 0.31 2.06 1.76 
CB20-1 2.00 52.1 466 1.72 0.26 1.72 6.92 
CB30-DA 3.00 38.4 465 2.18 0.17 0.43 14.79 
CB30-DB 3.00 39.7 465 2.18 0.14 0.95 17.07 
Naish et al. 2010 1/2 
CB24F 2.40 47.2 483 2.00 0.00 0.61 9.00 
CB24D 2.40 47.2 483 2.00 0.00 0.73 9.48 
CB24F-RC 2.40 50.4 483 2.00 0.00 0.61 10.60 
CB24F-PT 2.40 49.9 483 2.00 0.00 0.61 11.83 
CB24F1/2PT 2.40 48.2 483 2.00 0.00 0.31 11.49 
CB33F 3.33 47.2 483 1.67 0.00 0.61 12.85 
CB33D 3.33 47.2 483 1.67 0.00 0.73 11.43 
Lequesne et al. 2010 ~1/2 
CB-1 1.75 44.8 432 0.44 0.44 0.62 10.69 
CB-2 1.75 51.7 432 0.44 0.44 2.71 7.61 
CB-3 1.75 34.5 422 0.44 0.44 2.71 7.77 
Fortney et al. 2007 1/2 DCB-1 2.57 37.6 431 2.25 0.63 0.33 10.92 DCB-2 3.00 55.3 477 2.00 0.08 0.49 12.54 
Canbolat et al. 2005 3/4 Specimen 1 1.00 41.0 420 0.43 0.05 0.28 7.81 
Zhou et al. 2003 1 CB-2 3.00 35.6 461 0.65 0.68 0.48 11.69 
Dugas et al. 2002 1 D30 1.14 32.8 456 0.45 0.00 1.43 2.53 
Kwan & Zhao 2002 1/2 CCB11 1.17 37.8 517 0.42 0.14 1.20 1.38 
Adebar et al. 2001 1 Adebar 2.74 35.6 465 2.07 0.00 0.27 13.97 
Galano & Vignoli 2000 ~1/3 
P05 1.50 39.9 567 0.52 0.09 0.39 2.96 
P06 1.50 46.0 567 0.52 0.09 0.39 3.20 
P07 1.50 54.0 567 0.52 0.09 0.39 4.79 
P08 1.50 53.4 567 0.52 0.09 0.39 3.02 
P10 1.50 46.8 567 0.52 0.09 0.31 3.24 
P11 1.50 39.9 567 0.52 0.09 0.31 3.50 
P12 1.50 41.6 567 0.52 0.09 0.31 5.30 
Tassios et al. 1996 1/2 CB-2A 1.00 28.5 504 0.44 0.13 0.35 0.88 CB-2B 1.67 26.3 504 0.73 0.22 0.35 1.99 
BRI 12story 
Coupled T-Walls 
Test 
1996 1/3 
2nd 2.50 39.4 351 0.50 0.20 0.28 9.77 
3rd- 4th 2.50 40.7 351 0.50 0.20 0.28 11.17 
5th- 7th 2.50 29.2 351 0.50 0.20 0.28 14.91 
8th- 10th 2.50 28.1 342 0.33 0.20 0.28 10.89 
11th- 12th 2.50 26.6 342 0.33 0.20 0.28 13.44 
CB Roof 2.50 27.5 342 0.33 0.20 0.28 11.17 
BRI Individual 
Test 1995 1/3 
BMB 2.50 39.8 358 0.50 0.33 0.47 12.93 
BLB 2.50 41.4 358 0.50 0.33 0.47 13.23 
Sonobe et al. 1995 1/2 NX7L 2.80 36.0 528 0.96 0.48 0.33 9.26 LX7L 2.80 36.0 528 0.96 0.48 0.33 12.00 
Kimura et al. 1991 ~1/2 
1 1.78 42.2 523 0.57 0.30 0.21 4.49 
2 1.78 45.9 523 0.86 0.59 0.21 6.32 
3 1.78 45.1 523 0.86 0.59 0.21 6.86 
4 1.78 48.2 523 0.86 0.59 0.21 6.38 
5 1.78 26.8 523 0.86 0.59 0.42 7.26 
6 1.78 51.2 523 0.86 0.63 0.75 7.44 
7 1.78 51.7 523 0.86 0.63 0.21 5.59 
8 1.78 45.3 387 0.84 0.59 0.21 6.19 
9 1.78 45.8 387 0.84 0.59 0.21 3.63 
10 2.50 51.7 387 0.84 0.59 0.21 5.00 
Tegos & Penelis 1988 ~1/3 X1 2.00 20.6 325 0.77 0.00 1.00 10.86 
Barney et al. 1980 1/3 C6 2.50 18.1 487 0.83 0.00 1.13 9.96 C8 5.00 23.9 433 0.75 0.00 1.13 19.98 
Paulay & Binney 1972 ~3/4 
B316 1.29 33.3 288 1.27 0.00 0.37 7.04 
B317 1.29 50.7 270 1.27 0.00 0.37 6.92 
B395 1.03 35.5 289 1.01 0.00 0.37 3.28 
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Table 3-8: Computed Effective Stiffness of CR Coupling Beams 
Conventionally Reinf. 
Coupling Beams Year Scale Specimen ln/h 
f'c  
(MPa) 
fy  
(MPa) 
ρs 
(%) 
ρv 
(%) 
Experimental 
Ieff,yield/Ig (%) 
Lim & Hwang et al. 2016 ~1/2 
CB10-2 1.00 36.10  470 1.33 2.06 1.88 
CB20-2 2.00 52.20  449 1.76 2.46 7.68 
CB30-C 3.00 47.90  467 1.76 1.72 14.51 
CB40-C 4.00 58.00  455 1.64 1.29 11.91 
Naish et al. 2010 1/2 FB33 3.33 41.4  483 0.61 0.61 10.93 
Zhu, Zhou, Su 2008 1/2 Unit 1 2.50 40  460 1.15 0.59 10.86 
Brena & Ihtiyar 2007 0.5-0.7 
CB1 1.33 39.1  517 0.78 1.38 1.61 
CB2 2.67 38.6 448 1.10 0.17 14.17 
CB3 1.33 31.4 498 1.11 1.38 1.77 
CB4 2.67 30.3 517 0.52 1.38 10.03 
Zhou et al. 2003 1 CB-1 3.00 36  461 0.65 0.48 8.96 
Kwan & Zhao 2002 1/2 
MCB1 1.17 40.9 525 0.47 1.12 1.09 
MCB2 1.40 40.9 522 0.46 1.12 2.51 
MCB3 1.75 40.9 525 0.47 1.12 4.65 
MCB4 2.00 40.9 520 0.51 1.12 5.29 
Kwan & Zhao 2002 1/2 
CCB1 1.17 37.8 525 0.47 1.12 1.18 
CCB2 1.40 37.8 522 0.46 1.12 2.49 
CCB3 1.75 37.8 522 0.58 1.12 4.14 
CCB4 2.00 37.8 520 0.51 1.12 4.20 
CCB12 1.17 37.8 525 0.47 1.68 1.56 
Galano & Vignoli 2000 1/2 
P01 1.50 48.9  567 0.52 0.84 3.92 
P02 1.50 44.5 567 0.52 0.84 3.91 
P03 1.50 52.4 567 0.52 0.84 3.93 
P04 1.50 48.7 567 0.52 0.84 3.92 
Bristowe et al. 2000 1 
NR2 3.60 41.0  433 1.02 0.36 9.68 
NR4 3.60 41.0 433 1.02 0.53 10.43 
MR2 3.60 79.8 433 1.02 0.33 8.80 
MR4 3.60 79.8 433 1.02 0.56 9.38 
Tassios et al. 1996 1/2 CB-1A 1.00 32.8  484 0.35 1.03 0.65 CB-1B 1.67 33.0 484 0.58 1.03 2.05 
Barney et al. 1980 1/3 
C2 2.50 21.0  516 0.75 1.13 5.95 
C5 2.50 21.6  457 0.75 1.13 6.93 
C7 5.00 25.6  458 0.75 1.13 27.54 
Paulay & Binney 1972 ~3/4 315 top 1.29 37.9  308 0.63 2.58 5.08 315 bot. 1.29 37.9  296 0.80 2.58 5.08 
Paulay 1969 3/4 
B311 1.29 36.7  314 1.49 0.92 6.51 
B312 1.29 35.16 314 1.49 1.67 6.88 
B313 1.29 44.50 314 1.49 2.58 6.67 
B314 1.29 44.73 314 1.49 2.58 6.72 
B391 1.03 31.51 316 1.03 0.92 4.14 
B392 1.03 37.64 316 1.03 0.92 4.15 
B393 1.03 30.76 316 1.03 1.67 4.77 
B394 1.03 43.15 316 1.03 2.58 4.68 
B241 2.00 24.20 321 1.67 0.41 13.04 
B242 2.00 37.99 321 1.67 0.92 10.84 
B243 2.00 31.37 321 1.67 0.92 12.06 
B244 2.00 36.33 321 1.67 1.67 13.93 
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3.2.3. Coupling Beam Backbone Relations 
Backbone curves can be developed using the force-displacement results of the cataloged test 
specimen. These backbone curves can be grouped to assess relevant trends affecting coupled 
wall system behavior and to propose revised modeling parameters in guidelines such as ASCE 
41.  The process presented in Figure 3.19 and described below can be employed to determine the 
load-deformation backbone relation from an experiment result (Naish, 2010): 
1. Plot the peak of each loading increment. 
2. Use two points to determine the average shear strength over the yield plateau: θ1: a rotation 
after yield, θ2: a rotation before strength degradation.  
3. Obtain the initial slope of the curve based on the secant slope at 2/3 of Vavg. 
4. Define the ultimate rotation θu as the rotation corresponding to onset of significant lateral 
strength degradation (< 0.8Vavg.). Then you can determine plastic rotation capacity: θu - θy. 
5. Define θr = 1.15*θu as the rotation corresponding to the residual capacity of the member at 
0.3Vavg. Maintain the residual capacity to θx defined as the maximum beam chord rotation.  
 
Figure 3.19: Development Process of Backbone Curves (Naish, 2010) 
 
The use of backbone relations from experiments to calibrate models is described in Chapter 5. 
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 After determining the most impactful factors from the backbone curve trends, parametric 
studies can be undertaken to assess the sensitivity of each parameter. Further studies can be done 
as needed employing probabilistic hazard assessments with Engineering Demand Parameters of 
story drifts, coupling beam chord rotations, and wall shear forces. As the studies advance beyond 
the modeling capabilities of CSI Perform 3D, more advanced finite element modeling tools 
through software programs such as Diana or Abaqus may be required. 
 Fragility relations (Figure 3.20) can also be computed to link Engineering Demand 
Parameters (EDPs) to specified damage states for performance based earthquake engineering 
applications. Through organizing bins of test data (based on reinforcement, aspect ratio, level of 
shear stress, etc.) and categorizing the observed damage states from the experiments, the mean 
value and standard deviation of an EDP of interest can be obtained for each damage state. A 
lognormal cumulative density function can be fit to the data to find the probability of reaching a 
certain damage state. The figure below shows the fragility functions Naish (2010) developed 
using the coupling beam chord rotation as the EDP being measured against four different damage 
states: yielding, minor damage, major damage I, major damage II.  
  
Figure 3.20: Sample Fragility Relations (Naish, 2010) 
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CHAPTER 4.  Reinforced Concrete Ductile Coupled Walls: FEMA P695 Study and Design 
4.1. Overview 
As described in the Introduction, the main purpose of this research was to validate trial 
values of seismic response parameters (i.e., the response modification factor R = 8, the deflection 
amplification factor Cd = R = 8, and the system overstrength Ω0 = 2.5) for Reinforced Concrete 
(RC) Ductile Coupled Walls. The collapse assessment process consisted of designing forty-one 
RC Coupled Wall Archetypes representative of common practice according to ASCE 7-16 and 
ACI 318-19 provisions and then performing nonlinear pushover and incremental dynamic 
analyses to quantify the system overstrength and adjusted collapse margin ratios.  
4.2. Archetype Design 
Collapse analyses are conducted on a series of coupled wall Archetype designs following 
the FEMA P695 methodology in order to reliably quantify the performance of ductile coupled 
wall systems and their respective seismic design coefficients including the Response 
Modification Factor (R), the System Overstrength Factor (Ω0), and the Deflection Amplification 
Factor (Cd). The Archetypes represent designs that are near code limits, i.e., wall geometry and 
reinforcement that limits overstrength and is near the shear strength limits of ACI 318-19 and 
drift limits of ASCE 7-16, in order to limit unintended overstrength and ensure the design 
conditions are as close to design limits as possible. The configurations and design parameters of 
the Archetypes are presented in this chapter. 
A series of Archetype coupled wall configurations with 6, 8, 12, 18, 24, and 30 stories 
(Table 4-1) are considered in this study. Two types of wall pier configurations are assessed: 1) 
rectangular walls for the 6, 8, and 12 story buildings, and 2) flanged (or core) walls for the 18, 24, 
and 30 story buildings. Coupling beam types consist of diagonally-reinforced (DR) with beam 
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aspect ratios ln/h = 2.0, 2.4, 3.0, and 3.3 and conventionally-reinforced (CR) coupling beams 
with ln/h = 3.3, 4.0, and 5.0. These variations result in 16 planar and 21 flanged wall Archetypes 
that are organized into six performance groups.  
Table 4-1: Performance Groups for Evaluation of Ductile Coupled Wall Archetypes 
Performance Group Summary 
Group No. 
Grouping Criteria 
Number of 
Archetypes Basic Configuration Design Load Level Period Domain Gravity Seismic 
PG-1 
Planar walls,  
diagonally reinforced 
coupling beams with  
ln/h = 2.0,2.4, 3.0, 3.3 
Typical SDC Dmax Short 
9 
(6, 8, 12 story) 
PG-2 
Planar walls,  
conventional reinforced 
coupling beams with  
ln/h = 3.3, 4.0, 5.0 
Typical SDC Dmax Short 
7 
(6, 8, 12 story) 
PG-3 Flanged walls,  
diagonally reinforced 
coupling beams with  
ln/h = 2.0,2.4, 3.0, 3.3 
Typical SDC Dmax 
Short 4 (18 story) 
PG-4 Long 8 (24 & 30 story) 
PG-5 Flanged walls, 
conventional reinforced 
coupling beams with  
ln/h = 3.3, 4.0, 5.0 
Typical SDC Dmax 
Short 3 (18 story) 
PG-6 Long 6 (24 & 30 story) 
 
 The site seismic hazard is set as Dmax. Archetypes designed for seismic hazard Dmin can 
be similarly grouped; however, this study focuses on the more critical Archetypes designed for 
the maximum seismic load intensity per FEMA P695, i.e., SDC Dmax. As observed in several 
studies noted in FEMA P695, Archetypes designed for lower seismic demand tend to have 
higher system overstrength due to the influence of gravity loads, while Archetypes designed for 
the highest seismic hazard tend to have the smallest collapse margins and higher collapse risk. 
The assumption of the Dmax Archetype designs having lower ACMRs is confirmed with the 
studies summarized in section 6.2. 
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 A simple rectangular building floor plan is selected with two coupled walls providing 
lateral load resistance in each principal building direction (Figure 4.1). The floor plan is intended 
to provide an overall framework for the study such that floor plan areas, gravity column layout, 
and wall dimensions produce specific design objectives, i.e., maximum wall pier gravity axial 
stresses of about 0.3Af'  under the load combination 1.2D+1.6L, and maximum unamplified 
wall shear stresses of about 4Xf' (psi) under the governing seismic load combination 
(1.2+0.2SDS)D+0.5L+1.0E. Given these objectives, typical gravity axial stress under the FEMA 
P695 gravity load combination of 1.05D+0.25L are in the range of about 0.10Af'  to 0.15AfY . 
These targets are selected based on input from an industry advisory group. The relative area 
encased by the core compared to the building floor plan is selected to be about ten percent after a 
review of several recent drawings of coupled core wall buildings. Typical story heights are 10 ft, 
and an 8-inch thick post-tensioned slab with a 6 ft cantilevered slab overhang is assumed at all 
levels. 
       
(a) Planar Walls (6, 8, 12 Story)        (b) Flanged Walls (18, 24, 30 Story)       (c)  Elevation View 
Figure 4.1: Archetype floor plans and typical wall elevation view 
Design gravity loads consist of 100 psf of slab self-weight load plus an additional 25 psf 
of superimposed dead load (including perimeter and partition loading). Floor live loads 
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(reducible) are taken as 40 psf for the residential buildings (coupling beam ln/h ≤ 3.0), 50 psf for 
the office buildings (coupling beam ln/h > 3.0), and 20 psf for the roof per ASCE 7-16 Table 4-1. 
For the flanged wall prototypes, gravity loads inside the core consist of 100 psf dead load to 
account for the one-way slab framing and stairs as well as a non-reducible live load of 100 psf 
(applied as a line load). 
4.2.1. Design Process 
The Archetypes are designed following the provisions of ASCE 7-16, ACI 318-14 
including ACI 318-19 approved code change proposals related to wall shear amplification 
(Section 18.10.3) and drift capacity (Section 18.10.6.2), and the seismic design parameters 
specified in FEMA P695 (importance factor, redundancy factor, and site class and spectral 
values). Seismic design forces are determined using the Response Spectrum Analysis (RSA) 
method of ASCE 7 §12.9.1, subject to scaling the base shear to 100% of the Equivalent Lateral 
Force base shear of ASCE 7 §12.8 for a period T = CuTa. Use of the RSA method is permitted by 
the FEMA P695 methodology, and it also is likely to be used in engineering practice; therefore, 
it is adopted for this study. Modal damping ratio is assumed to be 5 percent, and the Complete 
Quadratic Combination (CQC) method is used to combine modal responses. 
The trial seismic response parameters are defined as R = 8, Cd = 8, and Ω0 = 2.5. The 
designs are for Risk Category I or II structures with an importance factor Ie = 1.0. The soil is 
assumed to be Site Class D, as specified in FEMA P695 §5.2.2. Seismic spectral acceleration 
values are SDS=1.0g and SD1=0.6g for seismic design category Dmax as specified in FEMA P695. 
The redundancy factor ρ is taken equal to 1.0 per FEMA P695 §11.1.4, since the use of a larger 
value would increase seismic loads (and capacities), and produce more conservative Archetype 
designs, which might not be representative for all applications of the proposed system. Story 
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drifts are checked to be less than the two percent drift limit using the fundamental period (T1) 
with Cd = R as prescribed by FEMA P695 Section 7.7. 
The Archetype buildings are modeled using an elastic 3D structural analysis program and 
subjected to dead, live, and seismic loads. A fixed base is assumed, i.e., soil-structure interaction 
effects are neglected, and a rigid diaphragm is assumed at each floor level. The wall piers are 
modeled as 2D elements having an elastic in-plane bending and shear stiffness and an elastic out-
of-plane bending stiffness. The wall piers are connected by elastic coupling beam elements 
having a specified flexural effective stiffness, as described in the following paragraph. Gravity 
columns with zero lateral stiffness (pinned at each end) are included to account for P-Δ effects 
for gravity loads not applied to the walls. The gravity columns are distributed around the floor 
plan to consider the in-plan distribution of the gravity loads. 
Effective stiffness values are established based on a review of code provisions and with 
input from an advisory committee of practicing engineers as summarized in Table 4-2. The wall 
flexural in-plane and out-of-plane stiffness values are taken as 0.75Ig and 0.10Ig, respectively, 
while the out-of-plane bending stiffness of the floor diaphragm is set to a negligible value of 
0.05Ig. The value of 0.75Ig is selected based on experience and input from the advisory 
committee such that lateral story drifts for DE level shaking do not exceed lateral drifts for MCE 
level shaking computed from NL-RHA and to achieve slightly larger wall demands (design base 
shear). The relatively low value for out-of-plane bending stiffness is selected to minimize this 
contribution to lateral stiffness. Shear stiffness of walls and coupling beams are set to 0.4EcAg 
based on common practice of using gross section shear stiffness for design. 
 
 
 73 
Table 4-2: Effective Stiffness Values for Archetype Designs 
Element Flexural Rigidity Shear Rigidity Axial Rigidity 
Walls 0.75 EcIg (in-plane) 0.10 EcIg (out-of-plane) 0.4 EcAg EcAg 
Coupling beams (0.07*ln/h) EcIg 0.4 EcAg -- * 
* Rigid in-plane diaphragm is assumed. 
The coupling beams are modeled as elastic beams with an effective flexural stiffness 
based on the relation in the PEER TBI (2017) and LATBSDC (2017) guidelines, i.e., EcIeff/EcIg = 
0.07ln/h, which represents the secant stiffness to yield, and includes the stiffening impact of the 
slab and the post-tensioning stress. This expression is based on a review of experimental results 
for 46 conventionally-reinforced and 58 diagonally-reinforced coupling beam specimens 
reported in the literature from 1969 to 2016 (Lim and Hwang et al. (2016); Naish (2010); 
Lequesne (2009); Zhu, et al. (2008); Fortney (2005); Brena and Ihtiyar (2011); Canbolat (2005); 
Zhou (2003); Dugas (2003); Kwan and Zhao (2002); Adebar (2001); Galano and Vignoli (2000); 
Bristowe (2000); Tassios (1996); Teshigawara et al. (1996); Kanakubo (1996); Kimura (1991); 
Tegos and Penelis (1988); Barney (1980); Binney, et al. (1972); Paulay (1972)).  
This trend and the data used to derive this relationship are shown in Figure 4.2 for 
conventional- and diagonally- reinforced coupling beams.  It is noted that the effective stiffness 
values represent an average value, and that effective stiffness was increased by 20% to account 
for the potential influence of scale on bar slip (Naish et al., 2013) and by 20% to account the in-
plane stiffness of a slab.  
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(a) Diagonally Reinforced Coupling Beams 
 
(b) Conventionally Reinforced Coupling Beams 
Figure 4.2: Validation of Coupling Beam Effective Stiffness Relation 0.07ln/h 
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4.2.1.1 Coupling Beam Design 
Coupling beams with diagonal reinforcement are designed to satisfy the provisions of 
ACI 318-14 §18.10.7.4 such that the shear demand (Vu) does not exceed the reduced strength 
(𝜙𝑉b). The beam shear strength is a function of the design diagonal bar area Avd, the 
reinforcement yield stress fy, and angle of inclination α of the diagonal reinforcement, where the 
beam nominal strength should not exceed 10X𝑓′:𝑏𝑑. 
 𝜙𝑉b = 0.85%2𝐴]'𝑓6𝑠𝑖𝑛𝛼0 < 8.5X𝑓:Y𝑏𝑑      (4-1) 
Conventionally-reinforced coupling beams are designed to satisfy the provisions of 18.10.7.1.  
4.2.1.2 Wall Design 
For the 6, 8, and 12 story Archetypes with planar wall, the lateral load demand is 
considered only in the direction parallel to the length of the walls (Figure 4.3a). For the flanged 
wall configurations, demands at the centroid of the L-shaped wall group are obtained, and the 
impact of bi-directional loading is considered by combining 100 percent of the force in one 
direction and 30 percent of the force in the orthogonal direction (Figure 4.3b) as required by 
ASCE 7-16 Section 12.5.3.1. Although accidental torsion effects are considered for all 
Archetypes through offsetting the center of mass by 5 percent in each direction to check for 
horizontal irregularity, force demands with or without accidental torsion effects do not vary 
significantly (less than 5% difference) since the coupled walls are near the center of mass in the 
floor plan. 
 
a) Planar Walls  b) Flanged Walls 
Figure 4.3: Determination of Seismic Demands (E) for Wall Piers 
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Strength of the wall piers is based on the ACI 318 requirements for special structural 
walls (§18.10.5) to ensure that the Pu-Mu demand pairs for all load combinations do not exceed 
the axial and moment capacities ΦPn-ΦMn that are reduced with the appropriate strength 
reduction factors. Governing load combinations for strength design are taken as: 
 (1.2 + 0.2𝑆N)𝐷 + 𝐸 + 0.5𝐿        (4-2a) 
 (0.9 − 0.2𝑆N)𝐷 − 𝐸         (4-2b) 
The quantities of boundary longitudinal reinforcement and shear reinforcement are 
reduced over the wall height, typically every two stories, to optimize the design as demands 
decrease; however, longitudinal reinforcement within the plastic hinge region is not decreased to 
ensure the critical section forms at the base of the wall, as intended in the design for the provided 
detailing (as required by ACI 318-14, §18.10.6.2). The wall boundary longitudinal reinforcement 
ratio exceeds the minimum limit of 6X𝑓:Y/𝑓6 per ACI 318-19 §18.10.2.4.  
The displacement-based detailing approach of §18.10.6.2 is used to assess whether 
special boundary elements (SBE) are required since all wall pier aspect ratios exceed 2.0 and 
because it is less conservative than the stress-based approach per §18.10.6.3. Based on 
§18.10.6.2, given the wall maximum neutral axis depth (c) computed for the maximum axial load, 
the wall boundary compression zone must be reinforced with special boundary elements when: 𝑐 ≥ 𝑙[ ?600%1.5𝛿 ℎ⁄ [0A	⁄         (4-3) 
Transverse reinforcement at the wall boundaries is based on the approved provisions of 
ACI 318-19 §18.10.6.4 and 18.10.6.5 that require overlapping hoops as well as crossties with 
135-degree hooks at both ends. The wall web vertical reinforcement is also laterally supported 
by crossties with seismic hooks for a distance above and below the critical section per §18.10.6.2. 
Termination of wall longitudinal reinforcement is per approved provisions of ACI 318-19 
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§18.10.2.3 and typically results in extensions of longitudinal reinforcement of ld above the next 
floor level beyond the theoretical cut-off point. 
The lateral drift capacity of the building is also checked using a new code provision 
adopted in ACI 318-19 §18.10.6.2. This drift capacity check is derived from a comprehensive 
database (Abdullah and Wallace, 2019) and is applied in design of Archetypes to ensure a low 
probability of lateral strength loss due to flexural failure by checking that the drift demand 
estimated for DE level shaking does not exceed the wall lateral drift capacity (see Equation 2-4a). 
For this check, the lateral drift at the top of a wall pier, amplified by a factor of 1.5 to represent 
the mean drift demand for MCE level shaking, must be less than the drift capacity δc/hw at the 
top of the wall determined from an expression derived using the database (Abdullah and Wallace, 
2019). The drift capacity relation derived from the database is a function of wall length (lw), wall 
compression zone thickness (b), the maximum design neutral axis depth (c), the concrete 
compressive strength (f’c), and the maximum wall shear demand (vu,max). 
          (4-4a)  
       (4-4b) 
Wall shear reinforcement for the final Archetype designs conforms to the requirements of 
the ACI 318-19 §18.10.3 ACI 318-19 (Public Comment Version, December 2018) using an 
amplified shear demand Ve to account for the increase in shear demand due to flexural over-
strength and the effects of higher modes. It is noted that a moderately more conservative 
provision was adopted for 318-19 based on Public Comments which would lead to slightly 
higher ACMRs. The wall shear reinforcement ratio (ρt) is selected to resist the amplified shear 
demand using 𝜙v = 0.75 since wall piers with (hwcs/ℓw) > 2.0 with amplified shear demand tend to 
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have nominal shear strength greater than the shear corresponding to the development of flexural 
strength. 
 𝜌8 ≥ (𝑉C (0.75𝑙[𝑡[)⁄ − 2X𝑓Y:)/𝑓6 ≥ 0.0025     (4-5) 
 The proposed approach amplifies the code level shear force (Vu) by a flexural 
overstrength factor (Ωv) and a dynamic shear amplification factor (ωv) that accounts for higher 
modes, resulting in: 
  𝑉C = Ω]𝜔]𝑉          (4-6) 
The dynamic shear amplification factor (ωv), depends on number of stories (ns) as:  
  𝜔] = 1.3 + 𝑛4 30⁄ ≤ 1.8, 𝑓𝑜𝑟	𝑛4 > 6	𝑠𝑡𝑜𝑟𝑖𝑒𝑠     (4-7) 
  The overstrength factor (Ωv) is the ratio of probable moment strength Mpr to code 
required strength Mu, and shall not be taken less than 1.5 per ACI 318-19 §R18.10.3. In this 
study, the flexural overstrength ratio of Mpr/Mu was taken as 1.5 for all designs so that the 
Archetypes would not be overdesigned for shear strength and represent the governing case for 
collapse analysis.  In general, overstrength values exceed 1.5 for coupled walls as summarized in 
the next paragraph. Table 4-3 summarizes the shear amplification factors for the Archetypes in 
this project.  
Table 4-3: Summary of Shear Amplification for Final Archetype Designs 
Shear Amplification 8-Story 12-Story 18-Story 24-Story 30-Story 
ωv 1.57 1.7 1.8 1.8 1.8 
Ve=φ0·ωv·Vu Ve=2.35·Vu Ve=2.55·Vu Ve=2.7·Vu Ve=2.7·Vu Ve=2.7·Vu 
 
 Actual ratios of Mpr to Mu tend to be higher than 1.5 because required reinforcement for 
the load case producing wall tension (or minimum compression) typically produces significant 
overstrength for the load case that causes large wall compression. The ratios of Mpr/Mu were 
computed for a subset of Archetypes at the critical section (base of the coupled walls) as 
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presented in Table 4-4. Mpr was typically computed as 1.25 times Mn, where Mn is the moment 
strength at the considered axial load demand; where the axial load exceeded the balance point in 
the Pn-Mn strength interaction diagram (e.g., 18-story Archetypes), Mpr was taken equal to Mn. 
Table 4-4 includes sample determinations of Mn and Mpr from the P-M interaction diagram of the 
wall section. The results for the ratios of Mpr/Mu indicate a mean value of 2.3 and a maximum 
wall pier value of 3.75. Although the minimum value of Ω] = 1.5 was used in this study, designs 
using the largest ratio of Mpr/Mu from the worst-case wall pier would have appreciably higher 
overstrength; the results suggest that the maximum amplification of 𝛺]𝜔] = 3 per ACI 318-19 
would apply to all Archetypes in this study greater than 60 ft (proposed minimum height). 
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Table 4-4: Ratios of Mpr to Mu for a subset of Archetypes 
Archetype 
(0.9-0.2SDS)D - E (1.2+0.2SDS)D + 0.5L +E 
Tension Wall Compression Wall Tension Wall Compression Wall 
8H-DR-2.4 1.58 2.98 2.05 2.90 
8H-DR-3.3 1.63 2.72 2.07 2.74 
12H-DR-2.4 1.37 2.89 1.74 2.75 
12H-DR-3.3 1.35 2.77 1.94 2.74 
18H-DR-2.4 1.53 3.75 1.53 2.93 
18H-DR-3.3 1.49 3.37 2.14 2.67 
Mean: 
1.49 3.08 1.91 2.79 
2.3 
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4.2.2. Initial Designs and Required Revisions 
The Archetypes were originally designed following the wall shear provisions of ACI 318-
14 using 𝜙v = 0.75 without considering shear amplification to assess if current code provisions 
would achieve the project objectives. Once a subset of Archetype designs were completed for 
several building heights (as presented in Table 4-5) preliminary analyses were conducted. The 
preliminary incremental dynamic analysis (IDA) results indicated that Archetypes designed 
using ACI 318-14 shear provisions experienced a high number of wall shear failures at collapse 
margin ratios that did not satisfy the FEMA P695 acceptability criteria as summarized in Section 
6.1. Using 𝜙v = 0.60  would not have improved the ACMRs appreciably; therefore, the 
Archetypes were redesigned to include wall shear demand amplification, as discussed in Section 
4.2 of this report. Typically, web shear reinforcement is increased to account for the increase in 
demand; however, in all cases, wall thickness at the lower levels is increased to keep the 
contribution of Vs below 8X𝑓′:𝑏𝑑 . Comparisons between a subset of the preliminary 
designs versus the revised designs are summarized in Table 4-6.   
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Table 4-5: Summary of a Subset of Preliminary Designs following ACI 318-14 Shear Provisions 
Archetype Total Height Vb (kips) 
Wall Pier 
Dimensions 
Wall Reinf. 
at base 
Coupling 
Beam CB Reinforcement 
8H-DR-3.0 
Planar walls 80’ 
1186 
Cs=0.100 
lw = 8.5’ 
L2-8: tw = 10”  
L1: tw = 12 
Asb: 34#10 
ρt = 0.42% 
ln/h = 3.0 
10”x30” 
L1: 12”x30” 
L2-7: 6#10 
L8-R: 6#9 
12H-DR-3.0 
Planar walls 120’ 
1349 
Cs=0.074 
lw = 9.25’ 
tw = 12” 
Asb: 38#11 
ρt = 0.37% 
ln/h = 3.0 
12”x30” 
L2-6: 6#11, L7-10: 6#10, 
L11-R: 6#9 
18H-DR-3.0 
Flanged walls 180’ 
1463 
Cs=0.0545 
lw = 9’ 
tw = 16” 
Asb: 3#10@5” 
ρt = 0.48% 
ln/h = 3.0 
16”x30” 
L2-11: 6#11, L12-15:6#10, 
L16-17: 6#9, L18-R: 6#8 
24H-DR-3.0 
Flanged walls 240’ 
1740 
Cs=0.044 
lw = 10’ 
L20-R: tw = 18” 
L1-18: tw = 24” 
Asb: 3#10@5” 
ρt = 0.29% 
ln/h = 3.0 
18”x30” 
24”x30” 
L2-10: 8#11, L11-12:8#10, 
L13-20: 6#11,  
L21-23: 6#9, L23-R: 6#8 
30H-DR-3.0 
Flanged walls 300’ 
2160.5 
Cs=0.044 
lw = 11.25’ 
L16-30: tw =24” 
L1-15: tw = 30”  
Asb: 3#10@5” 
ρt = 0.26% 
ln/h = 3.0 
24”x30” 
30”x30” 
L2-14: 8#11, L15-16:8#10, 
L17-19:6#11,  
L20-27:6#10, L28-29: 6#9, 
L30-R: 6#8 
 
Table 4-6: Sample Comparisons of Archetype Design Revisions 
Example 
Preliminary Design Revised Design 
t
w
 (in.) Wall ρ
t
 (%) Vu/(√f'cAcv)
 t
w
 (in.) Wall ρ
t
 (%) Vu/(√f'cAcv) 
8H-3.0, Level 1 12 0.42 3.19 14 1.05 2.96 
12H-3.0, Level 1 12 0.37 3.44 16 0.92 2.59 
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4.2.3. Archetype Designs 
Details of the Archetype designs are presented in this section. The design concrete 
compressive strength (f’c) is 6.0 ksi for the 6, 8, and 12-story planar wall Archetypes and 8.0 ksi 
for the taller 18, 24, and 30-story flanged wall Archetypes. The reinforcement yield stress (fy) is 
set at 60 ksi. The coupling beam widths match the wall thickness at each floor level. For walls 12 
in. thick or less, the wall thickness may not be sufficient to fit the coupling beam reinforcement 
into the wall core using diagonal confinement (ACI 318-14 §18.10.7.4(c)), which requires a 
slightly wider beam than full-section confinement (ACI 318-14 §18.10.7.4(d)). A wider wall is 
not used to ensure the Archetypes represent the worst-case design condition. A summary of key 
design parameters are presented in Table 4-7 for a subset of Archetype designs including the 
total building height, design period, base shear, degree of coupling (DOC),  typical wall pier 
dimensions, and the maximum and minimum wall axial stresses. The degree of coupling is 
computed using the seismic axial force couple due to overturning (T), the moment arm (l) 
between the centerline of the tension and compression piers, and the seismic moments M1 and M2 
at the base of each wall pier using the equation:  𝐷𝑂𝐶 = 	 (𝑇𝑙) (𝑇𝑙 + 𝑀 +𝑀S)⁄          (4-8) 
DOC decreases with shorter building heights and with increasing coupling beam aspect 
ratio ln/h. Although DOCs greater than 0.6 have been reported to produce large axial stresses on 
the wall piers (Table 4-7), the DOCs of the Archetypes in this study are relatively high since the 
coupling beam shear stresses are close to ACI limits to represent the worst-case design for 
collapse assessment; however, the axial stresses are not unreasonably high because a thicker wall 
is required to satisfy the new ACI 318-19 provisions for wall shear demand amplification and for 
the drift capacity check. As noted above, a thicker wall might also be required to fit coupling 
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beam reinforcement inside of wall boundary longitudinal reinforcement (i.e., to avoid 
congestion). 
Table 4-7: Summary of a Select Set of Archetype Designs 
Archetype Total Height 
T1 
(s) 
T=CuTa 
(s) 
Vb  
(kips) 
DOC Wall Pier Dimensions 
Pu,11 
/Agf’c 
Pu,22 
/Agf’c 
Pu,33 
/Asfy 
6H-DR-2 
(planar walls) 60’ 0.83 0.604 
1,062 
Cs = 0.124 0.60 
Lw = 8.0’ 0.16 0.28 -0.31 
8H-DR-3 
(planar walls) 80’ 1.27 0.749 
1,201 
Cs = 0.100 0.61 
Lw = 8.5’ 0.14 0.27 -0.27 
12H-DR-3 
(planar walls) 120’ 2.14 1.015 
1,360 
Cs = 0.074 0.66 
Lw = 9.25’ 0.13 0.30 -0.33 
18H-DR-3 
(flanged walls) 180’ 3.14 1.376 
1,489.5 
Cs = 0.0545 0.66 
Lw = 9.0’ 0.13 0.19 -0.07 
24H-DR-3 
(flanged walls) 240’ 3.39 1.707 
1,654 
Cs = 0.044 0.69 
Lw = 10.0’ 
tw,L1-18 = 24” 
tw,L19-R = 18” 
0.17 0.23 -0.03 
30H-DR-3 
(flanged walls) 300’ 3.62 2.018 
2,112 
Cs = 0.044 0.68 
Lw = 11.25’ 
tw,L1-10 = 30” 
tw,L11-20 = 24” 
tw,L21-R = 18” 
0.13 0.20 -0.06 
1 Pu,1* is the gravity axial stress under load combination 1.2D+1.6L 
2 Pu,2* is the maximum axial stress under load combination (1.2+0.2SDS)D+0.5L+1.0E 
3 Pu,3* is the minimum (net tensile) axial stress under load combination (0.9-0.2SDS)D-1.0E 
  
Prior to considering amplified wall shear demands, the proportioning of wall cross 
sections for the preliminary Archetypes was typically governed by drift; however, for the final 
designs, the thickness of the wall piers had to be increased at the lower levels to ensure that the 
wall pier shear strength did not exceed the ACI 318 limit of 10X𝑓′:𝐴:]. 
In the following subsections, designs of different height buildings with beam aspect ratio 
of 3.0 are presented. The key design details of all Archetypes are summarized in Appendix A. 
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4.2.3.1 8-Story Archetypes 
The 8-story Archetype buildings (Figure 4.4) are each 80 feet tall and consist of planar 
wall piers with lw equal to 8.5 ft. The walls have to be at least 12 in. thick at Level 1 due to the 
wall special boundary element (SBE) requirements of ACI 318-14 §18.10.6.4(c), which requires 
a minimum wall thickness for piers that are not tensioned-controlled. The preliminary 8-story 
designs as described in Section 4.2.2 had walls that were 12 in. thick at Level 1 and 10 in. thick 
at the upper levels. However, when the wall shear reinforcement was increased to meet the 
amplified shear demands, the wall thickness was increased to 14 in. at Levels 1-4 and 12 in. at 
Level 5 to keep the contribution of shear strength from horizontal web reinforcement (Vs) below 
the 8X𝑓′:𝐴:] limit.  
 
Figure 4.4: 8-Story Archetype 
Details of the Archetype with coupling beam aspect ratio ln/h = 3.0 (8H-DR-3.0) are 
presented in this section. The coupling beams have a clear span (ln) of 7.5 ft and a depth of 30 in., 
resulting in a beam reinforcement diagonal angle (α) of about 15 degrees. Axial stresses at the 
wall base for each pier are 0.14Agf’c under the governing gravity load combination 1.2D+1.6L 
Point A 
Point B 
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and 0.27Agf’c when seismic load effects are included under the governing load combination 
(1.2+0.2SDS)D+0.5L.+1.0E. The governing wall net tension force is about -0.1Agf’c for the piers 
near the base of wall. The wall unamplified shear stresses are about 3X𝑓Y:(𝑝𝑠𝑖) while the 
amplified shear stresses range from 5.1 − 7X𝑓Y:(𝑝𝑠𝑖). Higher shear stress levels could not be 
achieved using reduced wall section sizes without violating the story drift limit. 
The fundamental period (T1) of the building is 1.27 seconds, and the period for design (T) 
per ASCE 7-16 is the minimum of T1 and CuTa = 0.75 seconds. The resulting governing seismic 
coefficient is Cs = (SD1/T)/(R/Ie) = 0.10. With a seismic weight of 11,989 kips, the base shear Vb 
is 1201 kips. The story drifts at the center of mass (CM) and corner points (see Figure 4.4) as 
presented in  
Figure 4.5 are less than the maximum allowable value of 2.0%, and no extreme torsional 
irregularity exists (Δmax/Δavg = 1.23 < 1.4).  
Figure 4.5 are less than the maximum allowable value of 2.0%, and no extreme torsional 
irregularity exists (Δmax/Δavg < 1.4). 
 
Figure 4.5: Archetype 8H-3.0 Story Drifts 
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A summary of demands, capacities, and design limits for this Archetype are summarized 
in Figure 4.6 and Table 4-8. The coupling beams are designed according to ACI 318-14 
§18.10.7.4, and the diagonal reinforcement is optimized based on the shear demand. The 
maximum coupling beam shear stress is less than 7X𝑓′:𝑏𝑑 . The diagonal reinforcement for 
the diagonally-reinforced coupling beams is embedded into the wall boundaries as required to 
develop 1.25fy. 
The wall shear reinforcement ratio (ρt) ranges from 1.05% at the wall base to 0.62% at 
the upper levels, exceeding the ACI 318 code minimum reinforcement ratio of 0.25% at all 
levels. The wall shear strength per ACI 318, 𝜙𝑉b = 0.75𝑙[𝑡[%2X𝑓:Y + 𝜌8𝑓680= 852.4 kips at the 
lower levels exceeds the maximum amplified shear demand Ve = 815 kips. The wall boundary 
longitudinal reinforcement (Asb) is selected to satisfy P-M interaction diagram limits (Figure 4.6) 
with the design controlled by the load combination with the governing moment demand Mu and 
the governing net tensile axial force Pu,min.  
The wall piers at Level 1 require special boundary elements since the maximum neutral 
axis depth c = 46.3 in. exceeds the limit lw/(600(1.5δu/hw)) = 8.6 in., and SBE detailing extends 
up the height of the first floor based on ACI 318-14 §18.10.6.2.b. Since boundary longitudinal 
reinforcement ratios at floor levels above the special boundary element exceed the limit of 400/fy, 
ordinary boundary elements conforming to ACI 318-14 §18.10.6.5 are required over the entire 
wall height. 
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Table 4-8:  CW-8H-3.0 Design Summary 
Level f’c (ksi) 
tw=b 
(in.) 
Coupling Beam Design Wall Shear Design Wall Longit. Reinf. 
Diagonal 
Bars 
Shear 
D/C 
Vu/(√f'c Ag) 
< φ*10 
Wall fv 
Ve/(√f'cAv) 
Wall 
ρt (%) 
Outer 
Asb 
Middle 
Asb 
Inner 
Asb 
8 6000 10 6#8 0.91 5.1 5.10 0.62 6#7 10#4 6#4 
7 6000 10 6#9 0.82 5.8 5.99 0.78 6#7 10#4 6#4 
6 6000 10 6#9 0.92 6.5 6.98 0.98 8#9 16#4 6#5 
5 6000 12 6#10 0.91 6.7 6.61 0.92 8#9 16#4 6#5 
4 6000 14 6#11 0.87 6.7 6.31 0.90 12#10 16#5 6#6 
3 6000 14 6#11 0.83 6.4 6.84 0.97 12#10 16#5 6#6 
2 7000 14 6#11 0.77 5.5 6.82 1.05 16#11 12#6 6#7 
1 7000 14 6#11 0.52 3.7 6.44 1.05 16#11 12#6 6#7 
 
    (a)      (b)  
Figure 4.6: Archetype 8H-DR-3.0 Wall design (a) Level 1 Wall P-M interaction diagram; (b) 
Moment profile along wall height 
 
Following the design of the 8H-DR-3.0 Archetype, the coupling beam aspect ratio (ln/h) 
was varied from 3.0 to 3.3 by increasing the length of the coupling beam from 7.5 ft to 8.25 ft. 
For the design of Archetype 8H-DR-3.3, the coupling beam demand generally decreased due to 
the increase in coupling beam length resulting in a more flexible structure. However, since angle 
(α) decreases, the coupling beam shear capacity decreases for the same quantity of diagonal 
reinforcement used for Archetype 8H-DR-3.0 (Figure 4.7a).  As a result, the same coupling beam 
diagonal reinforcement used for 8H-DR-3.0 is used for 8H-DR-3.3, except at the roof level. 
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Since there were negligible changes to the axial, moment, and shear wall demands (Figure 2.4b, 
c), the wall pier design also remained the same as the 8H-DR-3.0 Archetype. 
Coupling beam reinforcement for the diagonally-reinforced Archetype with ln/h = 3.3 
(8H-DR-3.3) and the conventionally-reinforced (8H-CR-3.3) are summarized in Table 4-9. The 
longitudinal reinforcement for the conventionally-reinforced coupling beams are embedded into 
the wall boundaries as required to develop 1.25fy.  
 
Figure 4.7: 8H-DR-3.3 Archetype Demands 
Table 4-9:  Coupling Beam Reinforcement Design for 8H-DR-3.3 and 8H-CR-3.3 
Level 
Diagonally Reinforced (DR) Conventionally Reinforced (DR) 
Diagonal 
Bars 
α 
(°) 
Shear 
D/C 
Vu/(√f'c Ag) 
< φ*10 
Longitudinal 
Bars 
Flexure  
D/C 
Roof 6#9 14.10 0.89 5.7 4#10 0.88 
8 6#9 14.10 1.00 6.4 4#10 1.00 
7 6#10 14.03 0.88 7.2 4#11 0.91 
6 6#10 14.03 0.93 7.6 4#11 0.97 
5 6#11 13.87 0.96 7.3 5#11 0.97 
4 6#11 13.87 1.0 6.7 5#11 1.0 
3 6#11 13.87 0.88 5.7 5#11 0.88 
2 6#11 13.87 0.60 3.9 5#11 0.58 
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As the coupling beam aspect ratio is varied for the different Archetypes, the coupling 
beam and wall demands change only slightly. Therefore, for most Archetypes, the same wall 
shear and longitudinal reinforcement required for the 8H-DR-3.0 Archetype also work for the 
other Archetypes. At some floor levels, the wall shear reinforcement and boundary longitudinal 
reinforcement are reduced due to the slightly reduced demands.  
For all Archetypes, maximum story drifts are less than the maximum allowed story drift 
of 0.02; drift ratios were largest for Archetype 8H-CR-5.0. Key design parameters of the 8-Story 
Archetypes are summarized in Table 4-10 including the roof drift at which the drift capacity 
model predicts significant strength loss using the maximum design wall shear demand (Ve) and 
maximum neutral axis depth. The increase in wall thickness due to amplified shear demands 
leads to higher roof drift capacity at strength loss (about 3% roof drift) which leads to larger 
ACMR values. The importance of the drift capacity check is discussed in Chapter 5 where the 
detailed modeling approaches for NL-RHA are discussed.  
Table 4-10:  Design Summary of 8-Story Archetypes 
Archetype T1 (s) Vb (kips) 
CB 
h (ft) 
CB 
ln (ft) 
Wall 
lw (ft) 
Wall 
tw 
Drift 
Capacity 
8H-DR-2.0 1.19 1199 2.75 5.50 
8.5 
L1-4: 
14” 
 
L5: 
12” 
 
L6-8: 
10” 
2.59 % 
8H-DR-2.4 1.24 1199 2.50 6.00 2.65% 
8H-DR-3.0 1.27 1201 2.50 7.50 2.71% 
8H-DR-3.3 
1.29 1202 2.50 8.25 2.75% 
8H-CR-3.3 
8H-CR-4.0 1.33 1204 2.50 10.00 2.76% 
8H-CR-5.0 1.43 1204 2.25 11.25 2.80% 
 
Overall, as the coupling beam aspect ratio (ln/h) increases, the buildings become more 
flexible and wall axial and moment demands decrease due to the reduced coupling action and 
lower coupling beam shear forces. Therefore, for Archetype 8H-CR-4.0, the wall longitudinal 
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boundary reinforcement at Level 1 was slightly reduced to 14#11 outer boundary bars (versus 
16#11 outer boundary bars for Archetype 8H-DR-3.0). Moreover, as the beam aspect ratio 
increases and the beams become more flexure-dominant, the coupling beam shear demands 
decrease and beam moment demands increase. For example, the design for Archetype 8H-CR-
4.0 requires more beam longitudinal reinforcement at the Roof and Level 6 than that required for 
Archetype 8H-CR-3.3. A sample coupling beam detail is depicted in Figure 4.8, and variations in 
coupling beam designs for the 8-story Archetypes are summarized in Table 4-11. 
Table 4-11:  8-Story Archetype design variations 
8-Story 
Archetypes 
Coupling Beam Design Variations 
Diagonal Reinforcement Conventional Reinforcement 
Level 8H-DR-2 8H-DR-2.4 8H-DR-3 8H-DR-3.3 8H-CR-3.3 8H-CR-4 8H-CR-5 
Roof 6#7 6#7 6#8 6#9 4#9 4#10 4#10 
8th 6#8 6#8 6#9 6#9 4#10 4#10 4#10 
7th 6#8 6#9 6#9 6#9 4#10 4#10 4#11 
6th 6#9 6#10 6#10 6#10 4#11 5#11 5#11 
5th 6#10 6#10 6#11 6#11 5#11 5#11 5#11 
4th 6#10 6#10 6#11 6#11 5#11 5#11 5#11 
3rd 6#10 6#10 6#11 6#11 5#11 5#11 5#11 
2nd 6#10 6#10 6#11 6#11 5#11 5#11 5#11 
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a) Wall detail at Level 1 
  
 
b) Coupling beam detail at Level 5 
Figure 4.8: Archetype 8H-DR-3.0 Wall and Coupling Beam Details 
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4.2.3.2 12-Story Archetypes 
The 12-story Archetype buildings (Figure 4.9) are each 120 feet tall and consist of planar 
wall piers that are 9.25 feet in length. The preliminary 12-story designs had walls that were 12 in. 
thick; however, when the wall shear reinforcement was increased due to amplified wall shear 
demands, the wall thickness was increased to 16 in. at Levels 1-4 to keep the contribution of 
shear strength from horizontal web reinforcement (Vs) below the 8X𝑓:Y𝐴:] limit.  
 
Figure 4.9: 12-Story Archetype 
 
Details of the Archetype with coupling beam aspect ratio ln/h = 3.0 (12H-DR-3.0) are 
presented in this section. The peak axial stress at the wall base is 0.13Agf’c under the governing 
gravity load combination 1.2D+1.6L and 0.30Agf’c when seismic load effects are included under 
the governing load combination (1.2+0.2SDS)D+0.5L+1.0E. The governing net tension force at 
the wall base is about -0.11Agf’c for the piers near the base of the wall. As noted earlier, these 
limits of about 15 to 20% under gravity load combinations and approximately 25 to 30% under 
combined gravity and earthquake load combinations, were based on input from an industry 
Point A 
Point B 
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advisory group. Wall amplified shear stresses range from 3.3X𝑓Y:(𝑝𝑠𝑖) at the upper levels to 6.8X𝑓Y:(𝑝𝑠𝑖) at the lower levels. Higher wall shear demands could not be achieved by using a 
smaller wall cross-section without violating story drift limits. 
The fundamental period (T1) of the building is 2.14 seconds, and the period for design (T) 
per ASCE 7-16 is the minimum of T1 and CuTa = 1.015 seconds. The resulting governing seismic 
coefficient is Cs = (SD1/T)/(R/Ie) = 0.074. With a seismic weight of 18,404 kips, the base shear Vb 
is 1360 kips. The maximum story drifts presented in Figure 4.10 are less than the maximum 
allowable value of 2.0%, and no extreme torsional irregularity exists (Δmax/Δavg =1.23 <  1.4). 
 
Figure 4.10: CW-12H-3.0 Story Drifts 
  
The coupling beam and wall reinforcement details are summarized in Table 4-12. Maximum 
coupling beam shear stresses range from 3.5 to 7X𝑓Y:(𝑝𝑠𝑖) and do not exceed the code limit 
stress of 8.5X𝑓Y:(𝑝𝑠𝑖).  
The wall shear reinforcement ratio (ρt) using 2 legs of #6 or #5 bars ranges from 0.92% at the 
wall base to 0.32% at the upper levels, exceeding the ACI 318 code minimum reinforcement 
ratio of 0.25%. The maximum wall shear demand Ve = 934 kips (amplified by a factor of 2.55 to 
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account for shear amplification) does not exceed the reduced shear strength computed at the 
base,	𝜙𝑉b = 0.75𝑙[𝑡[%2X𝑓:Y + 𝜌8𝑓680  = 939 kips. The wall shear demands as compared to the 
ACI 318 requirements are presented in Figure 4.11. 
Table 4-12: Archetype 12H-DR-3.0 Design Summary 
Level f’c (ksi) 
tw=b 
(in.) 
Coupling Beam Design Wall Shear Design Wall Longit. Reinf. 
Diagonal 
Bars 
Shear 
D/C 
Vu/(√f'c Ag) 
< φ*10 
Wall fv 
Ve/(√f'cAv) 
Wall 
ρt (%) 
Outer 
Asb 
Middle 
Asb 
Inner 
Asb 
12 6000 12 6#8 0.92 4.3 3.27 0.32 8#5 14#4 8#4 
11 6000 12 6#9 0.82 4.8 4.35 0.52 8#5 14#4 8#4 
10 6000 12 6#9 0.93 5.4 5.09 0.65 12#7 14#4 8#4 
9 6000 12 6#10 0.81 6.0 5.48 0.73 12#7 14#4 8#4 
8 6000 12 6#10 0.86 6.4 5.71 0.73 12#8 14#5 8#5 
7 6000 12 6#10 0.91 6.7 5.97 0.81 12#8 14#5 8#5 
6 6000 12 6#10 0.94 6.9 6.45 0.92 14#9 14#6 8#6 
5 6000 12 6#10 0.95 7.0 7.05 0.98 14#9 14#6 8#6 
4 6000 16 6#11 0.99 6.7 5.92 0.92 16#10 14#7 8#7 
3 6000 16 6#11 0.93 6.3 6.42 0.92 16#10 6#9 16#9 
2 6000 16 6#11 0.79 5.4 6.79 0.92 22#11 10#8 8#8 
1 6000 16 6#11 0.52 3.5 6.60 0.92 22#11 10#8 8#8 
 
 
Figure 4.11: Archetype 12H-DR-3.0 Wall Shears 
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 The wall boundary longitudinal reinforcement (Asb) is designed to resist the worst-case 
net-tension load and the moment demand. A P-M  interaction section analysis is done at every 
level to compute the flexural strength and determine the maximum neutral axis depth of the wall. 
A sample wall detail at Level 1 along with its P-M interaction surface is presented in Figure 4.12. 
 
 
Figure 4.12: Archetype 12H-DR-3.0 Level 1 Wall Detail and P-M Interaction 
 
The displacement-based approach of ACI 318-14 §18.10.6.2 is used to determine whether 
special boundary elements are required. At the wall base, since the maximum neutral axis depth 
c = 64.5 in. exceeds the limit lw/(600(1.5δu/hw)) = 7.4 in., special boundary elements are required. 
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The length of the special boundary element (SBE) is 44 in., computed according to §18.10.6.4(a) 
as the maximum of {c-0.1lw , c/2}. The SBE extends from the critical section at the base of the 
wall to the top of the first story, a height of 10 feet (i.e., hSBE ≥ max{lw, M/(4V)} = 9.25 ft). 
Boundary transverse reinforcement for the SBE consists of #5 ties spaced at 4 in. on center per 
ACI 318 §18.10.6.4(e) and (f). Moreover, since the boundary longitudinal reinforcement ratios 
above the SBE exceed the limit of 400/fy, ordinary boundary elements conforming to ACI 318 
§18.10.6.5(a) are required over the entire wall height. 
Design variations from Archetype 12H-DR-3.0 for several 12-story Archetypes are 
summarized in Table 4-13 and described in the subsequent pages.  
Table 4-13: 12-Story Archetype Design Variations 
Archetype T1 (s) 
Vb 
(kips) 
CB 
h (ft) 
CB 
ln (ft) CB Reinforcement lw (ft) 
Wall 
Reinf. 
Drift 
Capacity 
12H-DR-2.0 2.06 1358 2.75 5.50 L2-5:6#10, L6-9:6#10, L10-L11:6#8, L12-R:6#7 9.25 T2.11 2.59% 
12H-DR-2.4 2.12 1357 2.50 6.00 L2-5:6#11, L6-8:6#10 L9-11:6#9, L12-R:6#8 9.25 T2.11 2.61% 
12H-DR-3.0 2.14 1360 2.50 7.50 L2-5:6#11, L6-10:6#10 L11-12:6#9, R:6#8 9.25 T2.11 2.62% 
12H-DR-3.3 
2.00 1369 2.50 8.33 
L2-5: 6#11, L6-11:6#10, 
L12-R:6#9 
10 T2.12 2.66% 
12H-CR-3.3 L2-5:5#11, L6-10:4#11, L11-12:4#10, R:4#9 
12H-CR-4.0 2.04 1372 2.50 10.00 L2-8:5#11, L9-11:4#11, L12-R:4#10 10 T2.12 2.68% 
12H-CR-5.0 2.10 1375 2.50 12.50 L2-5:6#11, L6-9:4#11 L10-12:4#11, R:4#10 10 T2.12 2.72% 
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For the development of the Archetype 12H-DR-2.4, the coupling beam aspect ratio (ln/h) 
of 2.4 is achieved by decreasing the length of the coupling beam from 7.5 feet to 6 feet. For the 
development of the Archetype 12H-DR-2.0, a coupling beam cross section of 12 in. by 33 in. is 
selected with a clear span of 5.5 feet resulting in ln/h=2.0; the beam depth is chosen as 33 in. 
based on 10 ft story heights considering that door openings are typically not shorter than 7.25 ft. 
In general, as ln/h decreases from 3.0 to 2.4 and 2.0, the coupling beam shear demands 
increase due to shorter coupling beam lengths producing a stiffer structure. However, the beam 
shear strengths also increase due to a higher diagonal inclination angle (α); thus, the diagonal 
reinforcement areas are reduced at the levels indicated as summarized in Table 4-14. 
For the wall piers, as ln/h decreases, the wall axial forces due to seismic lateral forces 
increase but the wall moment demands tend to decrease as presented in Figure 4.13. Since there 
are negligible changes to the wall demands, the design of the wall piers for Archetypes 12H-DR-
2.4 and 12H-DR-2.0 remain the same as that for Archetype 12H-DR-3.0. 
 
Figure 4.13: Comparison of Wall Demands for 12-Story Archetypes with low ln/h 
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Table 4-14: Archetypes 12H-DR-2.4 and 12H-DR-2.0 Beam Reinforcement Design 
CB Design CW-12H-2.4 CW-12H-2.0 
Level f’c  (ksi) 
b  
(in.) 
Diagonal 
Bars 
α 
(°) 
Shear 
D/C 
Vu / 
(√f'c Ag) 
Diagonal 
Bars 
α 
(°) 
Shear 
D/C 
Vu / 
(√f'c Ag) 
Roof 6 12” 6#8 19.1 0.77 4.36 6#7 23.1 0.81 3.80 
12 6 12” 6#8 19.1 0.89 5.07 6#7 23.1 0.98 4.59 
11 6 12” 6#9 19.1 0.82 5.86 6#8 23.0 0.88 5.44 
10 6 12” 6#9 19.1 0.91 6.49 6#8 23.0 0.99 6.11 
9 6 12” 6#9 19.1 0.97 6.96 6#9 22.9 0.85 6.60 
8 6 12” 6#10 19.0 0.86 7.35 6#9 22.9 0.90 7.00 
7 6 12” 6#10 19.0 0.90 7.68 6#9 22.9 0.95 7.37 
6 6 12” 6#10 19.0 0.93 7.87 6#9 22.9 0.98 7.63 
5 6 16” 6#11 18.9 0.91 7.58 6#10 22.8 1.01 7.41 
4 6 16” 6#11 18.9 0.87 7.25 6#10 22.8 0.98 7.21 
3 6 16” 6#11 18.9 0.76 6.31 6#10 22.8 0.87 6.42 
2 6 16” 6#11 18.9 0.51 4.23 6#10 22.8 0.60 4.41 
 
  In the development of the Archetypes with coupling beam aspect ratios of 3.3, 4.0, and 
5.0, the coupling beam lengths increase to 8.33 ft, 10 ft, and 12.5 ft, respectively. As ln/h 
increases, the beam flexural demands increase, and the reinforcement is selected along the 
building height as summarized in Table 4-13. With increasing ln/h, the Archetypes also become 
more flexible, and additional stiffness is required to meet the 2% design drift limit; therefore, for 
Archetypes with ln/h = 3.3, 4.0, and 5.0, the length of the wall piers had to be increased from 
9.25 ft. to 10 ft.  The design details for the 10 ft. wall piers of Archetype 12H-CR-5.0 are 
presented in Table 4-15. 
  Although beam reinforcement is optimized for the different Archetypes, the wall pier 
design for Archetypes 12H-CR-3.3 and 12H-CR-4.0 are the same as that outlined for the 12H-
CR-5.0 Archetype, since the wall pier demands do not vary significantly among these 
Archetypes as shown in Figure 4.14.  
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Table 4-15: Archetype 12H-CR-5.0 Shear Wall Design 
Floor 
Level 
Governing Demands Longitudinal Reinforcement Shear Reinforcement 
Pu,max 
(kips) 
Pu,min 
(kips) 
Mu 
(k-ft) 
Outer  
Asb 
Middle 
Asb 
Inner  
Asb 
Flexure 
D/C Ash 
Wall fv 
Ve/(√f'cAv) 
12 222 -32 683 8#5 14#4 8#4 0.44 2#4@12" 2.93 
11 459 -71 1205 8#5 14#4 8#4 0.87 2#5@10" 4.02 
10 705 -119 1722 10#7 14#4 8#5 0.71 2#5@8" 4.71 
9 958 -173 2175 10#7 14#4 8#5 0.98 2#5@8" 5.11 
8 1215 -232 2532 12#8 14#4 8#5 0.75 2#6@10" 5.37 
7 1473 -291 2790 12#8 14#4 8#5 0.89 2#6@10" 5.64 
6 1728 -348 3055 12#9 14#5 8#6 0.74 2#6@8" 6.09 
5 1977 -399 3548 12#9 14#5 8#6 0.90 2#6@8" 6.64 
4 2256 -468 4179 14#10 14#6 8#7 0.67 2#6@7" 5.53 
3 2520 -522 5356 14#10 14#6 8#7 0.88 2#6@7" 5.97 
2 2760 -552 7197 18#11 14#7 8#8 0.87 2#6@6" 6.29 
1 2962 -544 9592 18#11 14#7 8#8 0.94 2#6@6" 6.15 
 
 
Figure 4.14: Comparison of Wall Demands for 12-Story Archetypes with high ln/h 
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4.2.3.3 18-Story Archetypes 
The 18-story Archetype buildings are each 180 feet tall and consist of flanged wall piers 
that are 9 ft in length as shown in Figure 4.15. The preliminary 18-story designs had walls that 
were 16 in. thick. However, when the wall shear reinforcement was increased due to the 
amplified shear demands, the wall thickness at the lower nine levels had to be increased to keep 
the shear strength from horizontal web reinforcement (Vs) below the 8X𝑓′:𝐴:] limit. 
 
Figure 4.15: 18-Story Archetype 
 
Details of the 18-story Archetype with coupling beam aspect ratio ln/h = 3.0 (18H-DR-3.0) 
are presented in the following paragraphs. The fundamental mode of the building is torsional, 
with a period of 3.14 seconds, whereas the fundamental translational period is 2.06 seconds. The 
period for design (T) per ASCE 7-16 is the minimum of T1 and CuTa = 1.37 seconds. The 
resulting governing seismic coefficient is Cs = (SD1/T)/(R/Ie) = 0.0545. With a seismic weight of 
27,327 kips, the base shear Vb is 1490 kips. The maximum story drifts presented in Figure 4.16 
are less than the maximum allowable value of 2.0%, and no extreme torsional irregularity exists 
(Δmax/Δavg = 1.21 < 1.4). The Archetype has a design drift capacity of 3.1% (per equation (2-4b) 
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in Section 4.2 of this report) computed using the neutral axis depth for the worst-case condition 
when the wall flange is in tension. 
The coupling beams are designed as described in Section 4.2. For design of the flanged 
walls, demands are determined at the centroid of the L-shaped wall group, and bi-directional 
effects are accounted for by combining 100% of the wall group resultant seismic force in one 
direction plus 30% of the wall group resultant seismic force in the orthogonal direction. The 
impact of accidental torsion is also included in the designs. 
 
Figure 4.16: Archetype 18H-DR-3.0 Story Drifts 
 
Wall boundary longitudinal reinforcement (Asb) is selected to resist the worst-case net-
tension load and the moment demand on a wall pier using a uniform layout of equally spaced 
longitudinal reinforcement. A biaxial P-M interaction diagram is computed at every floor level to 
determine the section strength and to verify that the design is adequate as illustrated in the 
example for the wall at Level 1 in Figure 4.17.  
The displacement-based approach of ACI 318-14 §18.10.6.2 is used to determine whether 
special boundary elements are required.  At the wall critical section (base), since the maximum 
neutral axis depth with the wall flange in tension exceeds the limit lw/(600(1.5δu/hw)), special 
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boundary elements are required almost throughout the entire wall length at the first story because 
the required confined length computed as the maximum of {c/2, c-0.1lw } is about 0.6lw when the 
flange is in tension and about 0.1lw when the flange is in compression. Boundary transverse 
reinforcement for the SBE is #5 ties spaced at 4 in. on center per ACI 318 §18.10.6.4(e) and (f). 
Moreover, for the levels where the boundary longitudinal reinforcement ratios exceed the limit of 
400/fy, confined ordinary boundary elements are required with transverse reinforcement 
conforming to ACI 318 §18.10.6.5. The governing loads and longitudinal reinforcement along 
the wall height are summarized in Table 4-16. 
 
a) P-M interaction diagram at Level 1 
 
Figure 4.17: Archetype 18H-DR-3.0 Wall Detail and P-M Interaction 
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b) Wall Detail at Level 1 
     
c) Wall Detail at Level 12 
 
Figure 4.17 continued: Archetype 18H-DR-3.0 Wall Detail and P-M Interaction 
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Table 4-16: Archetype 18H-DR-3.0 Design Summary 
Level b=tw (in.) 
Wall Design Coupling Beam Design 
Shear 
ρtr 
Longitudinal 
Asb 
Diag. 
Bars 
Shear 
D/C 
Vu/(√f'c Ag) 
< φ*10 
Roof 16 0.28 2#5 @12" 6#8 0.86 2.6 
18 16 0.69 2#5 @12" 6#8 0.96 2.9 
17 
16 
16 0.69 2#5 @9" 6#9 
6#9 
0.85 3.2 
16 0.92 2#5 @9" 0.94 3.6 
15 16 0.92 2#6 @6" 6#10 0.80 3.9 
14 16 0.92 2#6 @6" 6#10 0.85 4.1 
13 16 1.10 2#6 @6" 6#10 0.89 4.3 
12 16 1.10 2#7 @6" 6#10 0.92 4.4 
11 16 1.10 2#7 @6" 6#10 0.94 4.5 
10 16 1.10 2#7 @6" 6#10 0.96 4.6 
9 20 1.00 3#7 @6" 6#11 0.96 4.5 
8 20 1.00 3#7 @6" 6#11 0.96 4.5 
7 20 1.00 3#7 @6" 6#11 0.95 4.4 
6 24 1.00 3#9 @6" 8#10 0.99 4.2 
5 24 1.00 3#9 @6" 8#10 0.94 4.0 
4 24 1.00 3#9 @6" 8#10 0.84 3.6 
3 24 1.00 3#10 @6" 8#10 0.69 2.9 
2 24 1.00 3#10 @6" 8#10 0.44 1.9 
 
As the beam aspect ratio is varied between the Archetype designs, the coupling beam 
reinforcement is optimized for the revised demands; however, the same wall reinforcement used 
in Archetype 18H-DR-3.0 is typically sufficient for the other Archetypes since the wall demands 
do not vary significantly among the Archetypes, except as noted in Table 4-17. Variations in 
design for the 18-story Archetypes are summarized in Table 4-19. To present an example, the 
optimal beam diagonal reinforcement designs for Archetype 18H-DR-2.4 are summarized in 
Table 4-18; although beam shear demands increase relative to 18H-DR-3.0, beam shear strengths 
increase due to the larger diagonal inclination angle allowing for some optimization. 
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Table 4-17: Wall Reinforcement Variations for 18-Story Archetypes 
 Longitudinal Reinforcement, Asb 
Level tw (in.) CW-18H-3.3 CW-18H-4.0 CW-18H-5.0 
4 24 3#9 @6" 3#9 @6" 3#10 @6" 
3 24 3#9 @6" 3#9 @6" 3#10 @6" 
2 24 3#10 @6" 3#10 @6" 3#11 @6" 
1 24 3#10 @6" 3#10 @6" 3#11 @6" 
 
Table 4-18: Diagonal Reinforcement Design for Archetype 18H-DR-2.4 
Level Wall & CB f’c (ksi) 
CB width 
and wall tw 
Diagonal 
Bars 
α 
(°) 
Shear 
D/C 
Vu/(√f'c Ag) 
< φ*10 
Roof 8 16” 6#7 19.2 0.88 2.49 
18 8 16” 6#8 19.2 0.77 2.86 
17 8 16” 6#8 19.2 0.89 3.31 
16 8 16” 6#9 19.1 0.80 3.73 
15 8 16” 6#9 19.1 0.88 4.10 
14 8 16” 6#9 19.1 0.94 4.38 
13 8 16” 6#9 19.1 0.99 4.60 
12 8 16” 6#10 19.0 0.81 4.79 
11 8 16” 6#10 19.0 0.84 4.94 
10 8 16” 6#10 19.0 0.86 5.05 
9 8 20” 6#11 18.9 0.87 5.03 
8 8 20” 6#11 18.9 0.89 5.11 
7 8 20” 6#11 18.9 0.90 5.18 
6 8 24” 6#11 18.9 0.90 4.30 
5 8 24” 6#11 18.9 0.87 4.16 
4 8 24” 6#11 18.9 0.79 3.81 
3 8 24” 6#11 18.9 0.65 3.14 
2 8 24” 6#11 18.9 0.42 2.00 
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Table 4-19: 18-Story Archetype Design Variations 
Archetype T1 (s) 
Vb 
(kips) 
CB 
h (ft) 
CB 
ln (ft) CB Reinforcement 
lw 
(ft) 
Drift 
Capacity 
18H-DR-2.0 2.76 1496 2.75 5.50 
L2-7:6#11, L8-9:6#10, L10-14:6#9, 
L15-17:6#8,  
L18:6#7, R:6#6 
9.0 
3.05% 
18H-DR-2.4 3.03 1494 2.50 6.00 
L2-6:6#11, L7-9:6#11, L10-12:6#10, 
L13-16:6#9,  
L17-18:6#8, R:6#7 
3.07% 
18H-DR-3.0 3.14 1490 2.50 7.50 L2-6:8#10, L7-9:6#11, L10-15:6#10, L16-17:6#9, L18-R:6#8 3.09% 
18H-DR-3.3 
3.26 1485 2.50 8.33 
L2-6:8#10, L7-9:8#10, L10-12:6#11, 
L13-16:6#10,  
L17-18:6#9, R:6#8 3.09% 
18H-CR-3.3 L2-9:6#11, L10-12:5#11,  L13-15:4#11, L16-18:4#10, R:4#9 
18H-CR-4.0 3.34 1479 2.50 10.00 L2-9:6#11, L10-14:5#11,  L15-17:4#11, L18-R:4#10 3.11% 
18H-CR-5.0 3.37 1468 2.50 12.50  L2-9:8#10, L10-12:6#11,  L13-16:5#11, L17-R:4#11 3.12% 
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4.2.3.4 24-Story Archetypes 
The 24-story Archetype buildings are each 240 feet tall and consist of flanged wall piers 
that are 10 ft in length. The design process for the 24-story flanged wall Archetypes are the same 
as described in section 4.2 and outlined for the 18-story designs. 
Details of the Archetype with beam aspect ratio ln/h = 3.0 (24H-DR-3.0) are presented in 
this section (see Table 4-20) . The fundamental mode of the building is torsion having a period of 
3.39 seconds while the first translational period of the building is 2.78 seconds. The period for 
design (T) per ASCE 7-16 is the minimum of T1 and CuTa = 1.71 seconds. The resulting 
governing seismic coefficient is Cs = 0.044SDSIe = 0.044. With a seismic weight of 37,586 kips, 
the base shear Vb is 1654 kips. The maximum story drifts presented in Figure 4.18 are less than 
the 2% allowable drift value, and no extreme torsional irregularity exists (Δmax/Δavg =1.22 < 1.4). 
 
Figure 4.18: Archetype 24H-DR-3.0 Story Drifts 
 
The coupling beams are designed according to ACI 318-14 §18.10.7.4, and the beam 
reinforcement is optimized based on the shear or flexure demands. The maximum coupling beam 
shear stress is less than 6X𝑓Y:(𝑝𝑠𝑖). For design of the flanged walls, demands are determined 
from combining 100% of the wall group resultant seismic force in one direction plus 30% of the 
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wall group resultant seismic force in the orthogonal direction. The impact of accidental torsion is 
considered in determining the design demands.   
Wall boundary longitudinal reinforcement (Asb) is selected to resist the governing axial 
and moment demand as described in section 4.2, as well as the minimum required by ACI 318-
19.  A P-M interaction diagram is computed at every floor level to determine the section strength 
and to verify that the design is adequate. Special boundary elements are needed for Level 1 wall 
piers with boundary transverse reinforcement consisting of #5 ties spaced at 4 inches. Transverse 
reinforcement satisfying ACI 318 §18.10.6.5 is provided at Levels 1-10 where the boundary 
longitudinal reinforcement ratios exceed the limit of 400/fy. The resulting wall and coupling 
beam designs are summarized in Table 4-20. 
Among the 24-story Archetype variations, the wall reinforcement selected for Archetype 
24H-DR-3.0 is typically satisfactory for the other Archetypes, except in a few cases. As coupling 
beam aspect ratio and flexibility increases, the wall flexural demands increase thus requiring 
increased wall longitudinal reinforcement to resist the wall Pu-Mu demand pairs. For example, 
Archetypes 24H-CR-4.0 and 24H-CR-5.0 require 2#5@12” longitudinal bars at Level 22. 
Moreover, Archetype 24H-CR-5.0 requires at least 2#7@12” at Level 19 and 3#8@6” at Level 4 
in order to meet wall flexure demands. The key parameters of the design variations among the 
24-story Archetypes are summarized in Table 4-21. 
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Table 4-20: Archetype 24H-DR-3.0 Wall and Coupling Beam Design 
Level b=tw (in.) 
Wall Design Coupling Beam Design 
Shear Atr Longitudinal Asb Diag. Bars Shear D/C Vu/(√f'c Ag) 
24 18 2#5@12" 2#4@12" 6#8 0.87 2.3 
23 18 2#5@12" 2#4@12" 6#8 0.96 2.6 
22 18 2#5@6" 2#4@12" 6#9 0.84 2.8 
21 18 2#5@6" 2#6@12" 6#9 0.92 3.1 
20 18 2#6@6" 2#6@12" 6#9 0.98 3.3 
19 18 2#6@6" 2#6@12" 6#10 0.80 3.4 
18 24 2#6@6" 3#6@12" 6#11 0.87 3.4 
17 
16 
24 2#6@6" 3#6@12" 6#11 
6#11 
0.88 3.5 
24 2#6@6" 3#7@12" 0.90 3.5 
15 24 2#6@6" 3#7@12" 6#11 0.92 3.6 
14 24 2#6@6" 3#7@12" 6#11 0.94 3.7 
13 24 2#7@8" 3#7@12" 6#11 0.97 3.8 
12 24 2#7@8" 3#7@12" 6#11 0.99 3.9 
11 24 2#7@6" 3#7@12" 8#10 0.95 4.0 
10 24 2#7@6" 3#8@12" 8#10 0.98 4.2 
9 24 2#7@6" 3#8@12" 8#11 0.83 4.3 
8 24 2#7@6" 3#8@12" 8#11 0.86 4.5 
7 24 2#8@6" 3#8@6" 8#11 0.88 4.6 
6 24 2#8@6" 3#8@6" 8#11 0.89 4.6 
5 24 2#8@6" 3#8@6" 8#11 0.87 4.5 
4 24 2#8@6" 3#9@6" 8#11 0.83 4.3 
3 24 2#8@6" 3#9@6" 8#11 0.74 3.9 
2 24 2#8@6" 3#10@6" 8#11 0.60 3.1 
1 24 2#8@6" 3#10@6" 8#11 0.39 2.0 
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Table 4-21: 24-Story Archetype Design Variations 
Archetype T1 (s) 
Vb 
(kips) 
CB 
h (ft) 
CB 
ln (ft) CB Reinforcement 
lw 
(ft) 
Drift 
Capacity 
24H-DR-2.0 2.87 1662 2.75 5.50 
L2-8:6#11, L9-13:6#10, L14-
19:6#9, L20-22:6#8, L23-
24:6#7, R:6#6 
10 
2.92% 
24H-DR-2.4 3.16 1659 2.50 6.00 
L2-7:8#10, L8-12:6#11, L13-
19:6#10, L20-21:6#9, L22-
23:6#8, L24-R:6#7 
2.92% 
24H-DR-3.0 3.39 1654 2.50 7.50 
L2-10:8#11, L11-12:8#10, 
L13-19:6#11, L20:6#10, L21-
23:6#9, L24-R:6#8 
2.94% 
24H-DR-3.3 
3.50 1651 2.50 8.33 
L2-10:8#11, L11-12:8#10, 
L13-19:6#11, L20:6#10, L21-
23:6#9, L24-R:6#8 2.99% 
24H-CR-3.3 L2-11:6#11, L12-19:5#11,  L20-22: 5#11, L23-R: 4#9 
24H-CR-4.0 3.61 1644 2.50 10.00 
L2-9:8#10, L10-15:6#11, L16-
19: 5#11,  
L20-21:4#11,  
L22-L24:4#10, R: 4#9 
3.01% 
24H-CR-5.0 3.71 1632 2.50 12.50 
L2-13:8#11, L14-16:8#10, 
L17-19:6#11, L20-21: 5#11,  
L22-L24:4#11, R: 4#10 
2.99% 
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4.2.3.5 30-Story Archetypes 
The 30-story Archetype buildings are each 300 feet tall and consist of flanged wall piers 
that are 11.25 ft in length. The floor plan layout and loading are similar to that of the 18-story 
Archetypes. The walls are 30 in. thick at the lower 10 levels, 24 in. thick at Levels 11-20, and 18 
in. thick at the upper 10 levels. The design process for the 30-story flanged wall Archetypes are 
the same as described in section 4.2 and outlined for the 18-story designs. The key parameters of 
the design variations among the 24-story Archetypes are summarized in Table 4-23. The main 
difference between the 30-story Archetype designs is that the wall piers in Archetype 30H-CR-
5.0 are lengthened from 11.25 ft to 12 ft in order for the design to meet the 2% story drift limit. 
Details of the Archetype with coupling beam aspect ratio ln/h = 3.0 (30H-DR-3.0) are 
presented in this section. The fundamental mode of the building is torsion with a period of 3.62 
seconds while the first translational period is 3.37 seconds. The period for design (T) per ASCE 
7-16 is the minimum of T1 and CuTa = 2.02 seconds. With a seismic weight of 48,006 kips and a 
governing seismic coefficient Cs = 0.044SDSIe = 0.044, the base shear Vb is 2112 kips. The 
maximum story drifts presented in Figure 4.19 are less than the maximum allowable 2% value, 
and no torsional irregularity exists (Δmax/Δavg =1.13 < 1.2). 
 
Figure 4.19: Archetype 30H-DR-3.0 Story Drifts 
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The coupling beams designed according to ACI 318-14 §18.10.7.4 have shear stresses 
less than 5X𝑓Y:(𝑝𝑠𝑖) . For design of the flanged walls, the L-shaped wall group resultant 
seismic demands, including accidental torsion effects, are determined, and the wall longitudinal 
reinforcement (Asb) is designed to resist the worst-case net-tension load and the moment demand. 
Special boundary elements are needed at the lower level wall piers at Level 1 with #5 ties spaced 
at 4 inches; the SBE extends up to Level 2 based on the minimum SBE height taken as the 
maximum of {𝑙[, (𝑀 (4𝑉⁄ )} = 11.25 feet . Transverse reinforcement required by ACI 318 
§18.10.6.5 is provided at Levels 2-24, where the longitudinal reinforcement ratios exceed the 
limit of 400/fy. The resulting wall pier and coupling beam designs are summarized in Table 4-22.  
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Table 4-22: Archetype 30H-DR-3.0 Design Results 
Floor b=tw (in.) 
Wall Design Coupling Beam Design 
Shear 
Atr 
Longitudinal 
Asb 
Diag. 
Bars 
Shear 
D/C 
Vu/(√f'c Ag) 
< φ*10 
30 18 2#5@10" 2#4@9" 6#8 0.89 2.4 
29 18 2#5@10" 2#4@9" 6#8 0.96 2.6 
28 18 2#6@8" 2#5@9" 6#9 0.84 2.8 
27 18 2#6@8" 2#5@9" 6#9 0.92 3.1 
26 18 2#6@6" 2#6@9" 6#9 1.00 3.4 
25 18 2#6@6" 2#6@9" 6#10 0.84 3.6 
24 18 2#6@6" 2#7@9" 6#10 0.88 3.8 
23 18 2#7@7" 2#7@9" 6#10 0.92 3.9 
22 18 2#7@7" 2#8@9" 6#10 0.94 4.0 
21 18 2#7@7" 2#8@9" 6#10 0.96 4.1 
20 24 2#7@7" 3#6@6" 6#11 0.91 3.5 
19 24 2#7@7" 3#6@6" 6#11 0.91 3.6 
18 24 2#7@7" 3#6@6" 6#11 0.92 3.6 
17 24 2#7@7" 3#6@6" 6#11 0.94 3.7 
16 24 2#7@7" 3#6@6" 6#11 0.95 3.7 
15 24 2#7@7" 3#6@6" 6#11 0.97 3.8 
14 24 2#7@6" 3#6@6" 6#11 0.99 3.9 
13 24 2#7@6" 3#7@6" 8#10 0.92 3.9 
12 24 2#7@5.5" 3#7@6" 8#10 0.94 4.0 
11 24 2#7@5.5" 3#7@6" 8#10 0.95 4.0 
10 30 2#8@7" 3#7@6" 8#11 0.96 4.0 
9 30 2#8@7" 3#7@6" 8#11 0.97 4.0 
8 30 2#8@6" 3#8@6" 8#11 0.97 4.0 
7 30 2#8@6" 3#8@6" 8#11 0.96 4.0 
6 30 2#8@6" 3#9@6" 8#11 0.94 3.9 
5 30 2#8@5.5" 3#9@6" 8#11 0.90 3.8 
4 30 2#8@5.5" 3#10@6" 8#11 0.83 3.5 
3 30 2#8@5.5" 3#10@6" 8#11 0.73 3.0 
2 30 2#8@5.5" 3#11@6" 8#11 0.57 2.4 
1 30 2#8@5.5" 3#11@6" 8#11 0.35 1.4 
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Table 4-23: 30-Story Archetype Design Variations 
Archetype T1 (s) 
Vb 
(kips) 
CB 
h (ft) 
CB 
ln (ft) CB Reinforcement 
Lw 
(ft) 
Drift 
Capacity 
30H-DR-2.0 3.29 2124 2.75 5.50 
L2-11:8#10, L12-15:6#11,  
L16-21:6#10, L22-25:6#9,  
L26-28: 6#8, L29-R:6#7 
11.25 
3.10% 
30H-DR-2.4 3.35 2120 2.50 6.00 
L2-11:8#11, L12-16:6#11,  
L17-23:6#10, L24-27:6#9,  
L28-30: 6#8, R:6#7 
3.12% 
30H-DR-3.0 3.17 2112 2.50 7.50 
L2-11:8#11, L12-14:8#10,  
L15-21:6#11,  
L22-26:6#10,  
L27-29:6#9, L30-R:6#8 
3.11% 
30H-DR-3.3 
3.76 2108 2.50 8.33 
L2-11:10#11,  
L12-17:8#11,  
L18-21:8#10,  
L22-25:6#11,  
L26-29:6#10, L30-R:6#9 3.11% 
30H-CR-3.3 
L2-9: 6#11, L10-11: 5#11,  
L12-15: 4#11,  
L16-30: 4#10, Roof: 4#9 
30H-CR-4.0 3.93 2099 2.50 10.00 
L2-11: 8#11,  
L12-18: 8#10,  
L19-22: 6#11,  
L23-27: 5#11, 
L28-30: 4#11, Roof: 4#10 
3.12% 
30H-CR-5.0 3.72 2130 2.50 12.50 
L2-11: 10#11,  
L12-19: 8#11,  
L20-21: 8#10,  
L22-25: 6#11, 
L26-30: 5#11, Roof: 4#11 
12.00 3.13% 
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4.2.4. Comparison of RSA and ELF Demands 
Seismic design forces for this study were determined using the RSA method of ASCE 7-
16 §12.9.1 as described in Section 4.2. In addition to RSA being the more likely method of 
analysis used in practice, design axial and moment demands and story drifts from RSA tend to be 
lower than those of ELF. Table 4-24 presents the difference in demands between RSA and ELF 
methods of analyses of a subset of Archetypes, i.e., 8, 12, and 18 story Archetypes with 
diagonally reinforced coupling beams having aspect ratio ln/h = 2.4 and 3.3. The demands are 
compared for the tension and compression pier of the coupled wall for the two governing seismic 
load combinations for worst-case net tension and maximum compression. Although the RSA 
base shear is scaled to 100% of the ELF base shear per ASCE 7-16 §12.9.1.4, ELF axial and 
moment demands exceed those of RSA as summarized by the ratios presented in Table 4-25 (e.g., 
ELF moments are on average 15 percent higher than RSA moment demands). 
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Table 4-24: Comparison of RSA and ELF design demands 
RSA 
(0.9-0.2SDS)D - E (1.2+0.2SDS)D + 0.5L + E 
Tension Wall Compression Wall Tension Wall Compression Wall 
Archetype Pu,min (k) Mu (k-ft) Pu,max (k) Mu (k-ft) Pu,min (k) Mu (k-ft) Pu,max (k) Mu (k-ft) 
8H-DR-2.4 -798 5989 1987 5996 -96 5979 2694 5994 
8H-DR-3.3 -546 6432 1758 6415 211 6424 2515 6423 
12H-DR-2.4 -1406 7509 2593 7505 -704 7505 3295 7508 
12H-DR-3.3 -992 8730 2327 8739 167 8723 3152 8746 
18H-DR-2.4 -1075 13799 6128 13877 2002 13740 9205 13936 
18H-DR-3.3 -582 15333 5685 15371 2602 15300 8869 15403 
 
ELF (0.9-0.2SDS)D - E (1.2+0.2SDS)D + 0.5L + E 
Tension Wall Compression Wall Tension Wall Compression Wall 
Archetype Pu,min (k) Mu (k-ft) Pu,max (k) Mu (k-ft) Pu,min (k) Mu (k-ft) Pu,max (k) Mu (k-ft) 
8H-DR-2.4 -935 6445 2124 6435 -233 6455 2830 6433 
8H-DR-3.3 -666 6936 1883 6928 81 6947 2636 6928 
12H-DR-2.4 -2195 9130 3386 9132 -1502 9127 4084 9133 
12H-DR-3.3 -1533 10354 2869 10363 -710 10346 3693 10369 
18H-DR-2.4 -2454 16345 7507 16266 623 16403 10584 16208 
18H-DR-3.3 -1729 17922 6833 17884 1455 17954 10016 17851 
 
Table 4-25: Ratio of ELF to RSA design demands 
ELF/RSA 
(0.9-0.2SDS)D - E (1.2+0.2SDS)D + 0.5L + E 
Tension Wall Compression Wall Tension Wall Compression Wall 
Archetype Pu,min (k) Mu (k-ft) Pu,max (k) Mu (k-ft) Pu,min (k) Mu (k-ft) Pu,max (k) Mu (k-ft) 
8H-DR-2.4 1.17 1.08 1.07 1.07 2.43 1.08 1.05 1.07 
8H-DR-3.3 1.22 1.08 1.07 1.08 0.38 1.08 1.05 1.08 
12H-DR-2.4 1.56 1.22 1.31 1.22 2.13 1.22 1.24 1.22 
12H-DR-3.3 1.55 1.19 1.23 1.19 4.24 1.19 1.17 1.19 
18H-DR-2.4 2.28 1.18 1.23 1.17 0.31 1.19 1.15 1.16 
18H-DR-3.3 2.97 1.17 1.20 1.16 0.56 1.17 1.13 1.16 
Average 1.79 1.15 1.18 1.15 1.68 1.15 1.13 1.15 
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4.2.5. Design Summary 
Designs for the 8-, 12-, 18-, 24- and 30-story Archetypes were summarized in section 
4.2.3. Typically, detailed information was presented for each building height for a coupling beam 
aspect ratio of 3.0, and variations in the designs relative to this Archetype were summarized. In 
general, as the coupling beam aspect ratio is varied for the different Archetypes, the beam and 
wall demands do not vary significantly; therefore, only slight modifications are typically 
required to the coupling beam reinforcement and wall reinforcement along the building height. 
For all Archetypes, maximum story drifts are less than the allowable 2.0 percent story drift limit, 
expect for a couple of the Archetypes with high beam aspect ratios that require increased wall 
pier lengths in order to satisfy the drift requirements (namely, Archetypes 12H-CR-3.3, -4.0, -5.0, 
and 30H-CR-5.0). For the Archetypes with conventionally reinforced coupling beams, the beam 
flexural demand increases with increasing aspect ratio due to the increase in coupling beam 
length resulting in a more flexible structure; therefore, the beam longitudinal reinforcement 
needs to be upsized at a particular level compared to the design with ln/h = 3.0. 
In terms of wall demands, as the coupling beam aspect ratio increases, the wall shear and 
axial forces typically decrease due to reduced coupling action whereas the wall flexural demands 
typically increase due to increased beam flexibility. For many of the Archetype designs with 
increased aspect ratios, the same longitudinal reinforcement at that floor level from the 
Archetype with ln/h=3.0 satisfies the Pu-Mu demand pairs because while the flexure demand Mu 
increases, the axial demand Pu decreases resulting in a higher ΦMn below the P-M interaction 
diagram balanced point. Similarly, for Archetypes with reduced aspect ratios than 3.0, the same 
or slightly reduced longitudinal reinforcement than for the Archetype with ln/h = 3.0 typically 
satisfies the Pu-Mu demand pairs because of slightly reduced wall flexural demands.  
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CHAPTER 5. Nonlinear Modeling 
5.1. System and component modeling 
Nonlinear analysis is performed using the two-dimensional OpenSees Multi-Vertical-
Line-Element-Model (MVLEM) for RC walls implemented by Kolozvari et al. (2018). The 
following subsections describe the nonlinear model in more detail. 
5.1.1. System modeling 
Analytical models for the lateral-load-resisting system of each Archetype are generated in 
the structural analysis software OpenSees (McKenna et al., 2000) according to the adopted 
geometry, cross-sections, and expected material properties of the structural walls and coupling 
beams summarized in Chapter 2. Given the wall locations in the building plan and relatively 
large spans between the vertical structural components (walls and columns), it is assumed that 
the out-of-plane stiffness of the 8 in. (200 mm) thick floor slab is small and that insignificant 
axial forces are imposed on walls via wall-wall or wall-column outrigger interaction. Symmetry 
is used such that a two-dimensional model consists of two walls and coupling beams. Analysis is 
performed for in-plane loads only. The approach is described by Kolozvari et al. (2018b). 
Lateral displacement degrees-of-freedom at each floor level are slaved to simulate the 
behavior of a rigid diaphragm. Moreover, the effect of out-of-plane deformation of the wall on 
the in-plane force and deformation capacities are not considered because analytical models are 
not available and experimental data are scarce. Although these assumptions are commonly used 
in nonlinear modeling of RC walls, they represent important issues that require additional 
analytical and experimental studies. 
The conceptual modeling approach is presented in Figure 5.1. Tributary mass is assigned 
at the element nodes at each story level, while gravity load (dead and live) is assigned at the 
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same nodes based on corresponding tributary areas (Figure 5.1a). P-delta effects are considered 
via a P-delta column for one half of the building represented by an elastic element with axial and 
negligible bending stiffness corresponding to gravity columns (Figure 5.1a). The wall piers with 
defined material force-deformation relations (Figure 5.1b) are connected by rigid coupling beam 
elements having a nonlinear shear hinge located at the beam midspan (Figure 5.1c). The wall 
shear response (Figure 5.1d) is simulated using a linear elastic spring with an effective shear 
stiffness of 0.5G. Additional sensitivity studies are conducted (see Section 6.2.4) using a model 
with shear-flexure interaction (SFI-MVLEM) as described in section 5.1.2 which allows 
coupling of axial/flexural and shear behavior to better predict shear demands in the wall plastic 
hinge regions for the Archetype buildings. 
 
Figure 5.1: Modeling approach for coupled wall system (Kolozvari et al., 2018b) 
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The wall piers are modeled in OpenSees using the Multiple-Vertical-Line-Element-Model 
(MVLEM; implemented and validated by Orakcal et al., 2004; Orakcal and Wallace, 2006; 
Kolozvari et al., 2015c) as presented in Figure 5.2. The axial/flexural response of the model 
element is simulated by a series of uniaxial elements (macro-fibers) distributed along the wall 
cross-section and connected to rigid beams at the top and bottom of the element to enforce plane-
section assumption, as illustrated in Figure 5.2a. The MVLEM is similar to a displacement-based 
beam-column element model, except that the deformations and forces in the element fibers are 
obtained using average strains and stresses developing within each macro-fiber in order to 
minimize convergence issues and improve numerical stability. The stiffness properties and force-
deformation relations of the uniaxial elements are obtained using the hysteretic stress-strain 
relations for concrete and reinforcing steel (Figure 5.2b) and the tributary area assigned to each 
uniaxial element. Moreover, element flexure and shear responses are uncoupled (Figure 5.2b). 
 
Figure 5.2: MVLEM wall model: a) wall macro-fibers, b) fiber material stress-strain relations,   
c) decoupled element flexural and shear forces 
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Within each macro-fiber, the axial stresses developing in concrete and reinforcement 
steel and the shear force developing in the horizontal spring are used to obtain the internal force 
vector of the MVLEM element in order to simulate element response. The relative rotation 
between top and bottom boundaries of the model element is concentrated at the element center of 
rotation defined at the same location as the shear spring. The distribution of curvature is assumed 
to be constant along the element height, hence an appropriate number of elements should be used 
over the anticipated plastic hinge region in order to reasonably predict local deformation 
responses.  
Wall discretization in the horizontal direction include sufficient number of fibers 
typically 5 inches wide to reasonably represent wall cross-section and reinforcement 
configuration in the boundaries and web of the wall. Discretization in the vertical direction 
includes two wall elements per story height which has been investigated to be appropriate 
(Kolozvari et al., 2018b) since wall damage is correlated to global engineering demand 
parameters such as drift that are not sensitive to wall discretization. Discretization in the 
horizontal direction is established based on comparing analytical results for an 8-story Archetype 
(8H-DR-3.0) between two models having fibers that are 2.5 inches versus 5 inches wide at the 
wall boundaries. Nonlinear pushover results as presented in Figure 5.3 indicate that the neutral 
axis depth of the model with 2.5 inch wide fibers is less than 2% larger than the neutral axis 
depth of the model with 5 inch wall fibers. Since the wall local and global responses do not vary 
much between these two levels of discretization, using fiber sizes about 5 in. is appropriate for 
modeling the Archetypes, and is more computationally efficient.    
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Figure 5.3: Fiber size sensitivity study 
 
Shear response of the model element is simulated by a horizontal spring connected to the 
top and the bottom rigid beams via vertical rigid strut, with behavior typically described by ad-
hoc force-deformation rules (e.g., linear-elastic, bi-linear, origin-oriented hysteresis models, etc.). 
Based on current design/evaluation provisions (e.g., ASCE 41; LATBSDC, 2015; PEER/ATC 72, 
2010) an elastic spring with a cracked effective shear stiffness of 0.5GAw is used to represent 
shear behavior of uncoupled modeling approaches, which is the most commonly used approach 
in engineering practice. Since axial/flexural and shear responses are described independently, 
there is no coupling between these responses in the MVLEM element (Figure 5.2c).  
Alternatively, the Shear-Flexure Interaction MVLEM (SFI-MVLEM developed and 
validated by Kolozvari et al., 2015a,b,c, and  Kolozvari et al., 2018) incorporates biaxial 
constitutive RC panel behavior (Ulugtekin, 2010), described with the fixed-strut angle approach, 
into a two-dimensional macroscopic fiber-based model formulation of the MVLEM (Figure 5.4). 
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Axial-shear coupling is achieved at each macro-fiber (panel) level through two-dimensional 
constitutive RC panel material model, which further allows coupling of axial/flexural and shear 
responses under cyclic loading at the SFI model element level. Since shear behavior is governed 
by RC panel elements, the shear spring is removed from the element formulation. Similar to the 
MVLEM, panel strains/stresses are treated in the average sense, the element rotation occurs at 
the center of rotation, and constant distribution of curvature is assumed over the element height. 
Biaxial behavior of concrete within each RC panel element is described using a uniaxial stress-
strain relationship for concrete applied along fixed compression struts, where mechanisms 
representing compression softening (Vecchio and Collins, 1993), hysteretic biaxial damage 
(Mansour et al, 2002), and tension stiffening effects (Belarbi and Hsu, 1994) are used. The 
implemented uniaxial constitutive relationship for reinforcing steel is applied along vertical and 
horizontal reinforcement directions. The RC panel model also incorporates two shear-resisting 
mechanisms to resist shear stresses along concrete cracks including: a) shear aggregate interlock 
effects (Orakcal et al., 2012), and b) reinforcement dowel action (Kolozvari et al, 2015a). In the 
SFI-MVLEM, wall shear stiffness and strength of the element evolve according to computed RC 
panel responses and assumed material behavior. Therefore, explicit definition of shear modeling 
parameters is not necessary in SFI-MVLEM, as opposed to commonly used wall models with 
uncoupled shear and axial/flexural behavior, such as the displacement-based beam-column 
element (OpenSees, Taucer 1991) or the shear wall element (Perform 3D, CSI).  
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Figure 5.4: SFI-MVLEM wall model 
5.1.2. Component modeling 
The wall piers are modeled in OpenSees using the MVLEM described in Section 5.1.1 
consisting of fiber elements with defined material stress-strain relations for concrete and steel. 
The constitutive relationships implemented in the MVLEM for concrete and reinforcing steel 
described in the following paragraphs have been calibrated using the procedure described by 
Orakcal and Wallace (2006) to match corresponding specimen material properties obtained from 
uniaxial material tests of slender RC walls with rectangular and T-shaped cross sections. Using 
this procedure, the validated cyclic stress-strain behavior of steel and concrete including 
parameters for confinement and tension stiffening result in an effective modeling approach for 
predicting the flexural response of slender RC walls (Orakcal and Wallace, 2006). 
 The unconfined concrete stress-strain values specified for each wall fiber element is 
based on the model by Hognestad (1951) while the confined concrete relationship is based on the 
confinement model by Saatcioglu and Razvi (1992). The strain history of the unconfined 
concrete consists of loading to a strain of 0.002 until reaching the peak concrete compressive 
stress (f’c) and then decreasing the stress until it drops to zero. The strain history of the confined 
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concrete consists of the strain increasing with constant stress until the peak confined compressive 
stress (f’cc) is reached and decreasing thereafter until the stress drops to twenty percent of the 
peak confined compressive stress. The quantity and distribution of transverse reinforcement in 
the confined wall boundaries is used to determine the appropriate uniaxial concrete stress versus 
strain relations for confined concrete. The design longitudinal reinforcement is assigned for each 
fiber along the wall length to represent the steel stress-strain relations.  
A uniaxial hysteretic model (Concrete02 in OpenSees) proposed by Yassin (1994) is used 
in this study to simulate the behavior of concrete material. The material envelope curve in 
compression follows the monotonic stress-strain relationship model of Kent and Park (1971) as 
extended by Scott, Park and Priestley (1982). Therefore, concrete degradation in compression is 
modeled directly with the concrete constitutive material model (Figure 5.5). In the model 
implementation used in this study, the compression envelope is defined by strain and stress 
values corresponding to concrete peak compressive capacity (e0, f’c) and post-peak residual 
capacity of concrete (ecu, scu), where ascending branch of the curve (0 < ec < e0) follows the 
quadratic relationship, descending post-peak branch is described with a linear relationship 
(e0 < ec < eu), and residual capacity of concrete is described as constant (ec > eu), as illustrated in 
Figure 5.5.  
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Figure 5.5: Concrete material model (Yassin, 1992) 
 
The hysteretic unloading and reloading rules are adopted according to a set of linear 
stress-strain relationships. All reloading lines intersect at a common point X determined by the 
intersection of the tangent to the monotonic envelope curve at the origin (E0) and the projection 
of the unloading line from point corresponding to ecu and scu at a slope of lE0, where l is user-
defined parameter that takes values between 0.0 and 1.0 (Figure 5.5). For each point on the 
compression envelope Ri from which unloading occurs, a reloading line X-Ri can be defined, and 
the corresponding reloading stiffness Er,i can be calculated. As shown in Figure 5.5, the 
unloading from point Ri starts with slope E0 and transitions into a slope 0.5Er,i, while reloading to 
the compression envelope starts with slope E0 and transitions to the reloading line X-Ri.  
The tensile strain-stress envelope of the model follows a straight line with slope of E0 
from the origin until the user-defined peak tensile strength of concrete ft (and corresponding 
strain et) is reached. For tensile strains larger than the cracking strain et, tensile envelope follows 
a straight line at a slope Et, which allows modeling of tension stiffening effect; a value of Et = 
0.05·E0 was used in this study as suggested by Yassin (1994). The model assumes that tensile 
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stress can occur anywhere along the strain axis, either as a result of initial tensile loading or as a 
result of unloading from a compressive state, and it accounts for degradation of the unloading 
and reloading stiffness for increasing values of maximum tensile strain after initial cracking.  
The constitutive model for concrete proposed by Yassin (Concrete02 in OpenSees) takes 
into account important behavioral characteristics of the material behavior such as concrete 
damage, tension stiffening, and hysteretic behavior, but it is also relatively simple, 
computationally efficient, and numerically stable. Given the large number of analyses conducted 
for this study, use of an efficient concrete material model is essential. The primary shortcoming 
of this constitutive model is its inability to simulate gradual gap closure due to progressive 
contact stresses within the cracks in concrete. Despite this limitation, this concrete model is 
sufficient to meet the objectives of this study.  
The uniaxial hysteretic constitutive model (SteelMPF in OpenSees, Kolozvari et al., 2018) 
for reinforcing steel proposed by Menegotto and Pinto (1973), as extended by Filippou et al. 
(1983) to include isotropic strain hardening effects, is used in this study for simulating the 
hysteretic stress-strain behavior of reinforcing steel bars.  The strain-stress relationship is in the 
form of curved transitions, each from a straight-line asymptote with slope E0 (modulus of 
elasticity) to another straight-line asymptote with slope E1 = b·E0 (yield modulus) where b is the 
strain hardening ratio (Figure 5.6). The curvature of the transition curve between the two 
asymptotes is governed by a cyclic curvature parameter R, which permits the Bauschinger effect 
to be represented, and is dependent on the absolute strain difference between the current 
asymptote intersection point (ε0,σ0) and the previous maximum or minimum strain reversal point 
(εr,σr) depending whether the current strain is increasing or decreasing, respectively. The strain 
and stress pairs (εr,σr) and (ε0,σ0) shown on Figure 5.6 are updated after each strain reversal.  
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The implementation of the hysteretic model for steel used in this study involves two 
improvements to the original model formulation introduced by Kolozvari et al. (2017): 1) 
degradation of the cyclic curvature parameter R is implemented for strain reversals in both pre- 
and post- yielding regions of the hysteretic stress-strain behavior, which enables improved 
prediction of yield capacity, and 2) the issues related to stress overshooting after partial 
unloading/reloading (possible under dynamic loading or stress re-distribution due to concrete 
cracking or local crushing), acknowledged by Filippou et al. (1983), are fixed for improved 
prediction of strain hardening and stress values under cyclic loading as illustrated in Figure 5.6. 
 
Figure 5.6: Material model for steel (Kolozvari et al., 2017) 
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5.1.3. Coupling beam modeling 
Coupling beams are connected to wall piers via rigid beam elements defined between 
centerline of the walls and the ends of the coupling beam element. The deformation of the 
coupling beams are modeled using elastic beam elements with an effective flexural stiffness of 
0.07(ln/h)Ig per LATBSDC (2017), while nonlinear hysteretic behavior was captured using a 
nonlinear shear hinge located in the center of the beam as illustrated in Figure 5.7a. The behavior 
of the shear hinge is modeled using the Pinching4 material available in OpenSees (Figure 5.7b) 
comprised of the following four points: Point 1 representing the yield point, Point 2 representing 
ultimate shear, Point 3 as the point at which the shear begins to degrade, and Point 4 as the point 
of reaching the residual force. 
 
a) Typical modeling approach for coupling beams 
 
Figure 5.7: Coupling beam model 
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b) OpenSees Pinching4 Model (opensees.berkeley.edu) 
 
Figure 5.7 continued: Coupling beam model 
 
The coupling beam hysteretic behavior is calibrated using the coupling beam specimen 
tested by Naish et al. (2013). Figure 5.8 illustrates that a good match between analytical and 
experimental load-deformation responses is obtained for each validation and summarizes the 
calibrated values used in this study from the test specimen. For this project, the calibrated 
coupling beam hysteretic responses are derived from specimen CB24F-PT with a post-tensioned 
slab for diagonally reinforced coupling beams and from specimen FB33 for conventionally 
reinforced coupling beams. Backbone relations derived from test results (Naish 2010; Naish et 
al., 2013) are used to estimate the shear overstrength associated with the load-deformation 
behavior of the coupling beams. The shear overstrength (V/Vn) including the impact of slab can 
be accounted for by a factor of 1.1 for beams without slab, 1.3 for a reinforced concrete slab, and 
1.4 for a post-tensioned (PT) slab. For the Archetypes in this study, the coupling beam shear 
strength is increased by a factor of 1.4 to account for the shear overstrength considering a PT 
slab. A section analysis is conducted for a sample coupling beam to confirm the overstrength 
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associated with the presence of a PT slab providing axial force to the beam by the tensioned 
strands. For a sample 12 in. by 30 in coupling beam with 4#11 longitudinal top and bottom bars, 
the moment strength of a rectangular beam section without considering the slab is 794 k-ft, while 
the moment strengths of a T-beam section considering a PT slab with 150 psi of post-tensioning 
force are 1066 k-ft with the slab in compression and 993 k-ft with the slab in tension; the 
moment strength with the slab in compression differs by a factor of 1.34 as compared to the 1.4 
factor used in this study for the ultimate shear strength of coupling beams with a PT slab as 
recommended by Naish (2010). 
 
Specimen k FU Point 1 Point 2 Point 3 Point 4 rForceP 
CB24F  
(no slab) 
0.11 1.1*FY (0.001*L, 
FY) 
(0.015*L, 
FU) 
(0.07*L, 
1.01*FU) 
(0.1*L, 
0.3*FU) 
0.70 
CB24F-PT 
(PT slab) 
0.15 1.4*FY (0.001*L, 
FY) 
(0.015*L, 
FU) 
(0.07*L, 
1.05*FU) 
(0.1*L, 
0.3*FU) 
0.55 
FB33 
(CR) 
0.15 1.1*FY (0.001*L, 
FY) 
(0.015*L, 
FU) 
(0.045*L, 
1.01*FU) 
(0.07*L, 
0.3*FU) 
0.35 
*Note: OpenSees Pinching4 model (rDisP = 0.05; uForceP = 0.01; gK#: 0.5,0.45,0.4,0.35,1.0) 
Figure 5.8: Coupling beam modeling approach validation 
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5.1.4. Damping 
The nonlinear model uses Rayleigh damping for the analyses per the recommendations of the 
PEER TBI (2017) guidelines §4.2.7 for MCER. The critical damping value used is a function of 
building height (H), i.e., 𝜁:|8:{ = 0.36 √𝐻⁄  with a trend of damping reducing 
for taller buildings (Figure 5.9). Periods of 0.2T1 and 1.5T1 (where T1 is the fundamental period 
of the building from modal analysis) are used to compute the mass and stiffness dependent 
Rayleigh damping coefficients using current stiffness. A sample damping relation for the 
Archetype 12H-DR-3.0 is presented in Figure 5.10. 
 
Figure 5.9: Equivalent viscous damping versus building height (PEER TBI, 2017) 
  
Figure 5.10: Rayleigh Damping for Archetype 12H-DR-3.0 
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5.1.5. Model Validation – 1996 BRI 12-Story Coupled Wall Test 
In order to validate the OpenSees model for the coupled wall Archetypes, experimental 
data are used to compare results. A model validation is presented in this section using 
experimental data from a quasi-static cyclic test of a one-third scale, twelve-story, reinforced 
concrete coupled wall system that was performed by the US-Japan Collaborative in 1996 
(Sugaya et al., 2003). The team of researchers performed this test at the Building Research 
Institute (BRI) with goals to study the transfer of shear forces between the tension and 
compression wall piers of coupled shear walls. This test is unique in that load cells are attached 
to structural elements to track the axial load transfer between the coupling beams and the linked 
wall piers. The test specimen was subject to constant axial loads and increasing quasi-static 
cyclic lateral loads at the 12th, 7th, and 4th floor levels. The system employed coupling beam fuse 
hinging and shear wall base yielding and as the primary lateral force resisting system. Test 
results showed that the coupled wall system has adequate performance to resist the lateral loads 
and be able to achieve a satisfactory level of nonlinear deformations before failure. 
5.1.5.1 Description of the test specimen 
The overall geometry of the coupled T-walls was a system measuring 14.4 meters tall and 
5 meters wide. This study was pertinent to provide insight for common architectural building 
layouts consisting of a center reinforced concrete core made of up shear walls concentrated at the 
center of the building. The walls are linked together by coupling beams as the main lateral forces 
resisting system of the structure. In such buildings, flexural yielding at the wall bases along with 
hinging in the coupling means dissipate seismic energy and provide lateral resistance. Figure 
5.11 presents the plan view and elevation view of the test’s target Hybrid Wall System building 
consisting of steel columns and steel beams for the gravity system and coupled shear walls for 
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the main lateral load resisting system. The core wall layout in the prototype building was 
simplified to develop the 12-story coupled T-walls test specimen. 
 
Figure 5.11: Twelve-Story Test Specimen (Sugaya et al., 2003) 
The coupled T-walls system had twelve typical story heights measuring 1200 mm each 
for a total height of 14.4 meters. The test specimen consisted of 200 mm thick flanged T-walls 
each measuring 2000 m in length with 2000 mm wide flanges, linked at each floor level by 200 
mm wide by 400 mm deep coupling beams spanning 1000 mm.  
 
Figure 5.12: Wall Reinforcement (Sugaya et al., 2003) 
 
 136 
The T-walls consisted of typical longitudinal reinforcement of D6 bars spaced at 50mm 
(reinforcement ratio ρs of 0.64%) and horizontal reinforcement with D6 ties spaced at 200mm. 
The walls had additional longitudinal reinforcement and confinement in the compression zones 
that increased down the height of the building as summarized in Table 5-1. This confined zone 
was essential for the ability of the wall piers to resist the compressive forces resulting from the 
overturning moment. The coupling beams consisted of diagonal reinforcement that increased 
down the height of the building, i.e., two D-13 bars at the higher floor levels 8th-Roof and two D-
16 bars at the lower 2nd-7th floor levels. Each coupling beam was also reinforced with two D-10 
longitudinal bars with shear reinforcement consisting of 2 legs of D6 ties spaced at 100mm. The 
reinforcement layout for the lower Level walls and beams are shown in Figure 5.12. 
Table 5-1: Reinforcement Arrangement of the Confined Wall Regions 
Floor Level Length of Confined Zone Main Rebar Hoops 
10th - 12th  300 mm 14 – D13 D6 @ 50 mm 
7th - 9th  400 mm 17 – D13 D6 @ 50 mm 
4th - 6th  500 mm 20 – D13 D6 @ 50 mm 
1st - 3rd  500 mm 20 – D13 D6 @ 40 mm 
 
The material properties of the system vary by floor and reinforcement bar type. The 
reinforcement yield stress, fy, ranges from 316 to 357 MPa, and the average Young’s modulus, Es, 
for the steel reinforcement is about 177,504 MPa. The concrete compressive strength (f’c) is 
highest at the first story and decreases up the building height depending on the concrete age at 
the time of the cylinder tests. Table 3.2 summarizes the steel and concrete material properties. 
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Table 5-2: Material Properties 
Steel Reinforcement Concrete 
Rebar fy (ksi) Es (ksi) Fultimate (ksi) 
elongation 
(%) Floor 
f’c 
(ksi) Ec (ksi) 
D6 45.9 27025 80.9 22.2 12th 3.99 2,745 
D10 51.8 24891 71.3 19.7 10-11th 3.86 2,688 
D13 49.6 25745 68.8 21.7 7-9th 4.07 2,845 
D16 50.9 25318 72.1 18.2 4-6th 4.23 2,788 
     2-3rd 5.90 3,172 
     1st 5.71 3,385 
 
The coupled T-walls were subject to axial and lateral point loads at the 4th, 7th, and 12th 
floor levels. Axial loads were applied as a set of four point loads on each of the north and south 
walls by PC strands. Lateral loads were applied by hydraulic jacks and gradually increased by 
ratios of 1.0, 1.97, and 3.73 respectively at the 4th, 7th, and 12th floor levels. Horizontal load was 
simulated by repeated loading of alternately pushing and pulling the positive and negative 
hydraulic jacks. The locations at which loads are applied are presented in Figure 3.12, while the 
displacement history of the loading is summarized in Figure 3.13. Load transducers measured the 
axial force in the coupled wall system and the fluctuating shear force in the coupled walls. The 
coupling beam shear force, axial force, axial displacement, and rotation as well as wall 
displacements and reinforcing bar strains were also measured. At each of the 886 load steps, 
many channels of data are recorded. 
Prior to testing the coupled T-walls, a pilot cyclic test was performed for the lower 2 
stories of the 12-story building difference (Arisono et al, 1995). The hysteretic results from this 
test indicated that the secant stiffness of the compression and tension walls were almost equal 
with little. The 1996 twelve story test further confirmed that the nature of the shear force transfer 
between the two side walls is not attributed to the difference in stiffness of the side walls. 
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Figure 5.13: Loading of Test Specimen (Sugaya et al., 2003) 
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Figure 5.14: Loading History of Test Specimen (Sugaya et al., 2003) 
 Load transducers measured the axial force in the coupled wall system and the fluctuating 
shear force in the coupled walls. The coupling beam shear force, axial force, axial displacement, 
and rotation as well as wall displacements and reinforcing bar strains were also measured. A 
sample load cell at the midspan of the coupling beam is presented in Figure 5.15. 
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At each of the 886 load steps, the following is recorded at the numbered channels: 
• CH 0-7: Applied horizontal loads (tf) (# points per floor: 4 @ 12th, 2 @ 7th, 2 @ 4th) 
• CH 8-19: Applied Vertical loads (tf) (# points per floor: 4 @ 12th, 4 @ 7th, 4 @ 4th) 
• CH 20-31:  Coupling Beam Shear Force (tf) (in descending order from Roof-2nd Floor) 
• CH 32-43:  Coupling Beam Axial Force (tf) (in descending order from Roof-2nd Floor) 
• CH 44-55:  Coupling Beam Axial Displacement (mm) (from Roof-2nd Floor) 
• CH 56-67:  Coupling Beam Rotation Angle (radians) (from Roof-2nd Floor) 
• CH 68-124: N & S Wall Displacements (mm) (in ascending order from 1st Floor – 10th) 
• CH 125-514: Rebar measurements 
• CH 515-516:  STAB displacements (at support floor) 
• CH 601-630: FHD & FVD horizontal & vertical total displacements at wall intersections 
 
Figure 5.15: Elevation View of Coupling Beam Center Load Cell (Sugaya K. , 2003) 
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5.1.5.2 Behavior of the test specimen 
An important feature of the 12-story coupled T-walls test was the inclusion of the load 
cells in the center of the coupling beams. In order to verify that the center load cell was not 
significantly altering the response, tests were done on two coupling beam specimens: one named 
BMB without a center load cell and one named BLB with a center load cell tracking axial forces. 
The load cell is installed at the center of the coupling using bolts and welding. The coupling 
beam reinforcing bars are welded to a 32mm plate at each end of the coupling beam where the 
load cell attaches. Each 32 mm plate is attached to a 38mm plate of the load cell and bolted 
together using 12 M20 high tension bolts on either end of the load cell. The load cell is calibrated 
using shear force and axial force measurements versus strain. 
 The specimen BMB was tested at a constant axial force of 5.6tf and achieved rotations of 
1/200, 1/100, 1/50, 1/30, and 1/20 after cycles of repeated loading. The BLB specimen was first 
tested under a constant axial force of 5.6tf up to member angles of 1/50 during a displacement 
controlled test; then, the BLB specimen was subject to a load-controlled test with a horizontal 
force of 20tf and varying axial forces of 10, 20, 30, and 40 tf. The test had 22 total strain gauges 
per load cell: 14 of them measure tri-axial output while 8 measure uni-axial output. 
 Experimental results indicate that bending cracks occurred at a horizontal force of 5.03 tf 
in BMB and at a horizontal force of 4.93 tf in BLB. Shear cracks resulted in the beam center of 
BMB at the second cycle at the load of 16.00 tf, but significant cracking did not occur. Both 
specimens were loaded up to a member deformation angle of 1/50. The bending crack load and 
the deformation at yield were almost the same in both specimens. The center load cell was 
deemed to be an acceptable means of measuring response without significantly affecting the 
behavior (Sugaya, 2003).   
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Overall, the coupled T-shaped walls were subjected to lateral drifts of approximately 4% 
resulting in significant lateral strength loss (overall system failure). Buckling of the beam 
reinforcement and spalling of concrete occurred at lateral wall drifts of about 2%. As a result of 
cyclic plastic deformations, the coupling beams elongated and experienced increased 
compression load. The maximum base shear of 1440 kN occurred at a drift 1.5%, mostly resisted 
by the compression wall. Under this shear force, the coupling beams developed their maximum 
displacements. Beyond this point, excessive shear deterioration made the two wall piers behave 
as individual walls with nearly identical shear resistance. At 4% lateral drift, the compression toe 
of the tension wall had crushed.  
Bending cracks were first observed for the coupling beams at the building drift of 0.02%, 
while cracks were first observed at the compression wall web and then at tension wall flange at 
0.1% drift. Following those cracks, yielding at the main rebar of coupling beams began. Upon 
reaching a drift of 0.167%, the main rebar of the upper level coupling beams (roof to 5th floor) 
yielded. At 0.5% drift, yielding of the main rebar of the coupling beams was observed as well as 
for the main rebar at the tension ends of the compression wall. Upon reaching 1.0% drift, 
buckling of the main rebar occurred at the roof to 8th floor level coupling beams. At 1.5% drift 
buckling of the main rebar occurred along the 3rd to roof levels. Yielding of the longitudinal bars 
was observed for both the compression and tension walls. The maximum shear force reached 
was 1440 kN in the positive direction and 1370 kN in the negative direction. At 3.3% drift, the 
main rebar of the 2nd floor beam buckled, the main rebar of roof to 5th floor beams fractured, and 
concrete crushing occurred at the wall base (Sugaya et al, 2003). 
While the coupled wall specimen was in the elastic range at low drifts, the shear force 
resistance of the two wall piers was equal at each level. As the deformation progressed, the shear 
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force ratio of the compression wall to the tension wall increased at the 1st and 2nd stories up to the 
maximum ratio of 9:1 at the relative drift of 1.5% (Sugaya et al, 2003). The difference of shear 
force transfer between the compression and tension walls was more pronounced at the lower 
stories suggesting that the coupling beam axial force is larger at the lower levels versus the upper 
levels.  
This fluctuation in shear force between the tension and compression wall piers is due to 
wall slip effects. When the flange of the T-shaped wall experiences compression, bending cracks 
develop at the web end of the wall pier; once the load reverses, the web end of the wall 
undergoes compression and the cracks close. Since the rebar at the wall web end cannot 
adequately carry the demand, the wall shear force moves to the stiffer compression wall.  
The total sum of the axial forces of the 2nd floor to roof level coupling beams (recorded as 
622 kN) was linked to the compression force at the lower stories (Sugaya et al, 2003). By 
examining the axial force vs. displacement relations of the coupling beams, it is evident that as 
the beam axial displacement increases, the beam compressive axial force increases. The 
fluctuation of the axial force at the same axial displacement represents a wedge action effect as 
the expansion of the coupling beams gradually increases with axial force. Moreover, from the 
relation between rotation drift angle and total axial force in the coupling beams, the residual axial 
force including the effect of slip is determined to be about 420 kN. From measuring the coupling 
beam axial force, the total value of the wall slip and residual axial force effects are approximated 
to be 263kN + 127 kN = 390 kN (Sugaya et al, 2003). 
 Pictures of the observed damage are shown in the plots of Figure 5.16.  
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a. Elevation View of Deformed Coupled Wall 
 
   
b. 8th Floor coupling beam (3.33% drift)  c. 8th Floor coupling beam  (3.85% drift) 
 
   
d.  Damage at wall base (2.5%)  e. Damage at wall base (end of test) 
Figure 5.16: Observed damage of BRI 12-Story Coupled Walls Test (Sugaya, 2003) 
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Following the experiment, the Japanese team developed a multi-spring model using fiber 
elements to simulate the test showing reasonable correlation between analytical and experimental 
results. Their multi-spring model reasonably predicted the influence of axial load on wall 
stiffness, the impact of wedge action of coupling beams, and the residual compressive axial load 
in the coupling beams. The effect of the floor slab was also evaluated through analytical studies 
of the test specimen. The results of those slab studies suggested that the influence of the floor 
slab was not deemed significant. However, recent studies by (Naish, 2010) suggest the 
contribution of the floor slab in coupled wall systems to be of significance. 
5.1.5.3 Model development 
The experimental verification and development of a nonlinear OpenSees model of the 
twelve-story coupled T-walls test is presented herein. This study focuses on the response of the 
system in the direction of the main walls and coupling beams (in-plane, out-of-plane 
deformations are restrained). The modeling approaches implemented for different components, 
such as fiber wall elements and coupling beam hinge parameters, are described. Analytical 
results are compared to the recorded experimental results, such as base shear versus 12th floor 
displacement as well as wall and coupling beam forces. 
All structural elements and material properties of the test specimen are modeled as 
described in section 5.1.5.1, and the nonlinear model is subject to the loading sequence of the test. 
The model mass and wall gravity loads (including member self-weights) have been specified at 
each floor level. From member self-weights, each floor has a typical weight of 10.1 kips plus the 
additional weights of 92.62 kips, 114.2 kips, and 329.12 kips applied at the 4th, 7th, and 12th floor 
respectively. No slab elements are modeled since the experiment did not include floor slabs, 
however equal degree of horizontal displacement is maintained at the nodes for the left and right 
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wall piers. The boundary conditions of the test are represented through the base being fixed in 
translation and rotation. Geometric nonlinearity and P-delta effects are incorporated in the model. 
Rayleigh damping with an effective damping ratio of 2 percent has been assumed.  
The wall piers have been modeled as fiber elements with defined material force-
deformation relations. Each wall pier measuring 78.74 inches is discretized into twenty equal 
fibers measuring 3.937 inches in width. The shear wall properties are summarized in Table 5-3. 
Shear behavior has been modeled using an elastic shear modulus of 0.5G where G = E/(2(1-ν)). 
Table 5-3: Properties of the Shear Wall Elements in the Model 
Level tw (in.) 
B.E. length 
(in.) 
ρv,BE 
(%) 
ρv,web 
(%) 
ρhoriz. 
(%) 
1st 7.87 19.69 2.655 0.639 0.16 
2-3rd 7.87 19.69 2.655 0.639 0.16 
4-6th 7.87 19.69 2.655 0.639 0.16 
7-9th 7.87 15.75 2.821 0.639 0.16 
10-11th 7.87 11.81 3.097 0.639 0.16 
12th 7.87 11.81 3.097 0.639 0.16 
 
The steel reinforcement component properties were defined for each of the four rebar 
types (D6, D10, D13, D16 bars) using the OpenSees SteelMPF model. The concrete material 
properties are based on the material tests performed on concrete cylinders prior to the test with 
unconfined and confined concrete stress-strain relationships modeled as described in section 
5.1.2. Concrete tensile strength was estimated as 3.7X𝑓:Y. The tri-linear concrete stress-strain 
relationships of the unconfined and confined concrete materials are summarized in Table 5-4.  
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Table 5-4: Stress-Strain Relationships defined in the Concrete Material Properties 
 Unconfined Concrete Confined Concrete 
Level ε @ fmax fmax= f’c (ksi) εu ε @ fmax fmax (ksi) εu fr (ksi) 
1st 0.002 5.708 0.012 0.004 7.07 0.045 1.41 
2-3rd 0.002 5.897 0.012 0.004 7.26 0.045 1.45 
4-6th 0.002 4.229 0.012 0.005 5.36 0.038 1.07 
7-9th 0.002 4.071 0.012 0.005 5.20 0.046 1.04 
10-11th 0.002 3.863 0.012 0.005 5.00 0.059 1.00 
12th 0.002 3.993 0.012 0.005 5.13 0.058 1.03 
 
The coupling beams have been modeled using an elastic beam section with concentrated 
inelastic shear-hinges at the center of each coupling beam as described in section 5.1.3. The 
elastic beam section was modeled as 7.87 inches (200 mm) wide by 15.75 inches (400 mm) deep 
with defined elastic modulus and shear modulus. However, the effective flexural stiffness was 
reduced to 0.175EcIg following the relation 0.07(ln/h) using the beam aspect ratio ln/h of 2.5. The 
shear hinge parameters are modeled as described previously in section 5.1.3. The calibrated 
hysteretic coupling beam behavior from test results by Naish (2010) for specimen CB24F 
(without a slab) as presented in Figure 5.8 were used as a basis to model the shear hinge 
properties, except for the rotation at strength loss (DU), which was revised to match the observed 
deformation capacity of each coupling beam based on the relations measured during the 12-story 
test. The beam shear strength (FY) is computed based on the ACI 318 equation for capacity of 
diagonal reinforcement as described in section 4.2.1. The coupling beam properties used in the 
model are summarized in Table 5-5. 
Table 5-5: Coupling Beam Properties 
Level Dimensions ln (in.) ln/h 
k = 
EcIeff/EcIg 
Avd α FY (kips) 
FU=1.1*FY 
(kips) DU 
2nd-7th 7.87”x15.75” 39.37 2.5 0.175 2-D16 18.9° 20.55 22.61 0.04 
8th-Roof 7.87”x15.75” 39.37 2.5 0.175 2-D13 19.0° 13.29 14.62 0.04 
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The coupled wall system model is subject to applied gravity loads followed by a series of 
nonlinear static pushover analyses. The sequences of lateral pushover load cases were set up to 
simulate the displacement history that the walls were subjected to during the actual test. The 
lateral load pattern consisted of nodal loads that incrementally increase in the positive and 
negative directions at the 12th, 7th, and 4th levels in ratios of 1, 1.97, and 3.73 respectively. After 
application of gravity forces, static or cyclic pushover analyses were run in sequence to match 
the test loading history.  
  
 149 
5.1.5.4 Model validation results 
Comparisons between experimental and analytical results for the 12-story coupled T-
walls specimen are presented considering global base shear versus 12th floor drift (Figure 5.17 
and Figure 5.18) and local coupling beam force deformation response (Figure 5.19). It is 
observed from Figure 5.17 that the model initial stiffness matches well with the test thus 
verifying the accuracy of the input parameters. 
 
Figure 5.17: BRI Coupled Walls Test - Initial Pushover Results 
The model’s predicted overall pushover response also reasonably matches the global 
response from the experiment (see Figure 5.18) except that hysteretic pinching behavior can be 
improved. In order for the model to appropriately capture the coupling beam force-deformation 
response (see Figure 5.19), the shear strength (FY) should include the strength due to the 
capacity of the diagonal bars (i.e., FY = 2Avdfysinα) as well as the strength from the developed 
longitudinal bars; the shear strength (FY) is computed as the shear corresponding to the coupling 
beam moment strength (Mn) from moment-curvature analysis , i.e., FY = 2Mn/ln. The coupling 
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beam response as illustrated in Figure 3.17 reasonably matches test results up to the point of 
strength loss, although the model overestimated the beam deformations after strength loss due to 
the assumed hysteretic properties of the OpenSees Pinching4 material model. 
 
Figure 5.18: BRI Coupled Walls Test - Experimental vs. Analytical Pushover Results 
  
a) 5th Floor Coupling Beam Load-Deformation   b) 12th Floor Coupling Beam Load-Deformation 
Figure 5.19: BRI Coupled Walls Test - Experimental vs. Analytical Coupling Beam Results  
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5.1.6. Summary of nonlinear modeling approach 
The modeling approach used for the overall building system was described. A two-
dimensional modeling approach of the lateral system was adopted. Approaches used to consider 
damping and P-D effects were described.  
A simple modeling approach based on using a linear beam element and a nonlinear shear 
spring was adopted to model the diagonally- and conventionally-reinforced coupling beams. The 
impact of floor slabs and axial stress due to post-tensioning reinforcement on coupling beam 
strength was considered in the beam shear strength and hysteretic behavior. The modeling 
approach adopted for coupling beams was validated by showing that the modeling approach very 
reasonably captured tests results reported in the literature.  
Wall sections were modeled using fiber elements with uniaxial material relations for 
unconfined and confined concrete, and longitudinal reinforcement. The OpenSees Concrete02 
model was used for concrete because of the desire to use a computationally efficient model due 
to the large number of analyses needed for the FEMA P695 study. The OpenSees SteelMPF 
model was used to simulate the behavior of steel reinforcement. Shear response was simulated 
using a linear elastic hinge with an effective stiffness of 0.5G.  
The modeling approach was validated using a 12-story test of a coupled wall conducted at 
the Building Research Institute in Japan and using a specimen tested by Santhakumar. The 
comparison in model and test results indicated both the wall and coupling beam modeling 
approaches reasonably capture the reported test results.  
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5.2. Failure Modeling 
5.2.1. Description of Failure Modes 
Three main failure modes are considered and assessed through post-processing of results 
(non-simulated), i.e., 1) flexural, 2) shear, and 3) axial failure. Details of the failure modes are 
presented in the following subsections. The governing failure mode is determined for each 
Archetype subjected to ground acceleration response histories as the failure mode that occurs 
first. Using the failure analysis results, the median collapse intensity is determined using the 
ground motion scaling factor that results in just more than half of the 44 records described in 
Chapter 6 reaching failure. 
5.2.1.1 Flexural Failure via Drift Capacity Model 
Flexural failure is defined using the drift (rotation) capacity model proposed by Abdullah 
and Wallace (2019). This new approach was developed using recent research findings by 
studying a large database of over 1000 concrete wall tests that have either failed due to concrete 
crushing, bar buckling and/or fracture, or lateral instability of the flexural compression zone at 
the wall boundary. The database includes detailed information such as wall cross-section, 
material properties, configuration of transverse reinforcement, and backbone relations from 
experimental results. The backbone information from tests is used to assess trends for the total 
displacement or rotation at which strength degrades 20% from the peak strength. An expression 
is derived for wall lateral drift capacity at significant strength loss by studying the impact of 
design parameters from a comprehensive filtered database with a low coefficient of variation 
(COV = 0.15) that includes 164 tests of well-detailed walls (depicted in Figure 5.20) that 
generally satisfy the requirements of ACI 318-14 for special structural walls. The drift capacity 
model is then used to derive plastic hinge total rotation and total curvature models, with plastic 
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hinge length defined in the tests as lw/2, as these models are generally more appropriate to use for 
nonlinear models of taller buildings. The assumed plastic hinge length of lw/2 is a reasonable 
estimate for structural walls (Wallace and Moehle, 2012; Segura and Wallace, 2018). 
The drift capacity model presented in Figure 5.21 is a function of the wall length, width 
of compression zone (wall thickness), neutral axis depth, and shear stress. For a given Archetype, 
this model employs the analysis results to track the wall neutral axis depth and shear stress in 
order to define a drift or rotation/curvature capacity at which a significant drop in strength occurs. 
The wall elements in the OpenSees models are discretized using two elements per story to match 
closely with the assumed plastic hinge length of lw/2 to be consistent with concrete material 
regularization as well as with the total wall curvature model at strength loss. 
 
 
Figure 5.20: Histogram of 164 Tests in the Drift capacity model (Abdullah & Wallace, 2018) 
(Note: Units are in mm; 1mm= 0.0394 in.) 
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Figure 5.21: Drift capacity model 
 In prior studies (NIST, 2010), axial collapse has been defined to occur at a roof drift of 5 
percent based on limited studies of axial collapse (Wallace et al, 2008) and judgement. 
Therefore, using the drift (or curvature) capacity model as a failure criterion is a conservative 
approach since it is a model that predicts the onset of strength loss and not necessarily collapse. 
Use of this approach is computationally efficient and acceptable if the objectives of the study are 
satisfied; otherwise, a more comprehensive definition of collapse is required, as discussed in 
Section 5.2.1.3.  
5.2.1.2 Shear Failure 
Evaluation of shear failure is done using the first approach with the uncoupled shear 
model, and sensitivity studies are done (see Chapter 6) using the second approach with the SFI 
model to compare results. For the MVLEM with uncoupled shear response (linear shear 
stiffness), shear failure is defined using the model in the LATBSDC guide Appendix A (2017) 
presented in Figure 5.22a, which is derived from experimental data obtained from walls that 
experienced shear and flexure-shear failure. This model relates wall axial strains (or curvature) 
 155 
with the shear force capacity in the wall. Wall axial tensile strains at the boundary and shear 
force demands obtained from the dynamic analysis of building Archetypes are processed and 
compared to the failure envelope proposed by the model. Failure is reached when the shear 
demand for a given curvature demand from the analysis exceeds the envelope line as illustrated 
in Figure 5.22b for a sample wall pier of the 12-story Archetype 12H-DR-3.0 . 
  
a) Shear failure model   b) Illustration of reaching failure envelope 
Figure 5.22: Modeling of shear failure with “uncoupled” wall models 
5.2.1.3 Axial Failure 
Wall axial failure is defined using the lateral drift capacity model proposed by Wallace et 
al. (2008) which defines the lateral drift capacity at axial failure using an assumed critical shear 
crack angle and a shear friction model as shown in Figure 5.23. The initial model for the limit 
state of axial collapse is based on the column model proposed by Elwood and Moehle (2003, 
2005), and modified for application to walls (Wallace et al., 2008). The model is based on 
equilibrium for an assumed shear friction relation, assuming the critical crack plane extends 
along the main diagonal of the wall pier (or over a single story). Axial failure results along the 
critical crack plane when the shear demand exceeds the shear friction capacity.  
failure
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The relationship between predicted drift ratio corresponding to axial failure and axial 
stress ratios are plotted in Figure 5.23b for typical geometry, materials, and reinforcement, and 
compared with several pier tests (Wallace et al., 2008) having axial load ratios of 5% and 10%. 
The blue dashed lines (two relations on the right) represent the potential variation in the 
predicted lateral drift at axial load failure based on the assumed shear friction relations. The red 
broken line (furthest to the left) represents a modified model prediction to account for the test 
conditions (lack of hooks on horizontal web reinforcement). The model and test results are in 
reasonable agreement, including the insensitivity of the results for axial load ratio greater than 
~3%, although sensitivity of the results to the assumed shear friction relation was observed. The 
findings to date warrant more in-depth study to assess the lateral drift capacity for walls/piers 
with improved details, higher axial load, and variable quantities of longitudinal reinforcement.  
 
Figure 5.23: Axial load capacity model for a wall pier after diagonal cracking. 
As a note for future studies, the SFI-MVLEM model described in Section 5.1 can be used 
to gain insight on the relationship between shear and axial load to predict axial failure. As 
observed in tests conducted by Orakcal et al (2009), initiation of shear sliding along a diagonal 
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plane typically led to (nearly) immediate loss of axial load carrying capacity; the developed SFI-
MVLEM provides an ideal framework to couple sliding and axial failure without the need to 
develop a shear friction versus drift relation (e.g., loss of axial load could be related to the 
magnitude of sliding obtained, a parameter that is already tracked in the existing implementation). 
The model developed by Wallace et al. (2008) is implemented and validated against 
recent test data (e.g., Tran and Wallace, 2012; including three additional tests that have been 
completed) to assess an appropriate shear friction relation, and ultimately assess model 
capabilities over a broad range of test conditions. This model has been validated by computing 
the axial failure drift for tests conducted by Tran and Wallace (Figure 5.24) that were pushed to 3% 
drift. Results show that axial failure was neither experienced nor predicted by the model. 
 
Figure 5.24: Validation of the axial failure prediction model (specimen by Tran, 2012) 
The drift at which axial failure is predicted is computed for several of the Archetypes, 
namely the 8-, 12-, 18-, 24-, and 30- story Archetypes with coupling beam aspect ratio ln/h = 3.0. 
However, as shown by the high predicted roof drifts (around 5.0%) in Figure 5.25, neither of the 
0 0.01 0.02 0.03 0.04 0.05 0.06 0.07 0.08 0.09 0.1
Pier Drift Ratio
0
0.05
0.1
0.15
0.2
0.25
P/
P 0
Lateral Drift at Axial Failure, C1=2.15,C2=25
RW-A20-P10-S38
RW-A20-P10-S63
RW-A15-P10-S78
3% Drift
7.0% 6.8% 4.0% 
 158 
Archetypes are prone to experience axial failure since the computed axial failure drifts are not 
low enough for axial failure to govern. 
 
Figure 5.25: Drift at Axial Failure for a Subset of Archetypes 
 It is important to note that during incremental dynamic analyses of the Archetype 
buildings, either the flexural failure model or the shear failure model described in the previous 
sections always resulted to be the governing failure mode before axial failure occurring at a 
higher drift would be predicted. Moreover, although the axial failure model has been calibrated 
using a few test specimen, there are very limited experiments of RC walls that have been tested 
to collapse, and not many shake-table tests are available to better validate the model. Therefore, 
the axial failure model was not employed in the collapse assessment procedure used in this study.    
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5.2.2. Assessment of Failure Modes 
The governing failure mode is determined for each Archetype subjected to ground 
acceleration response histories as the failure mode that occurs first. Using the failure analysis 
results, the median collapse intensity is determined using the ground motion scaling factor that 
results in just more than half of the records reaching a failure flag.  
A sample failure mode assessment is presented in Figure 5.26 using the IDA results of 
the 12H-DR-3.0 Archetype for one ground motion record. In this example, flexural failure is 
predicted at a time step of 3775 and roof drift of 2.85% by tracking when the roof drift response 
history first reaches the failure envelope computed using the drift capacity model which 
fluctuates as a function of the neutral axis depth and shear demand of the outermost compressive 
fiber of the bottom wall element; however, there is no shear failure predicted as the history of 
shear response at the base of the wall piers does not reach the shear failure envelope. Moreover, 
axial failure is not predicted at these drift levels and is typically not the governing failure mode 
for any of the Archetypes.  
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Figure 5.26: Assessment of Failure Modes for Archetype CW-12H-3.0 
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5.2.3. Summary of Failure Modeling 
Criteria to define flexure, shear, and axial failures have been summarized in this section. The 
Conceptual relations are presented to described how each failure criterion is assessed through 
post-processing of analysis results. For flexure, a drift (or curvature) capacity model is used that 
defines strength loss as collapse. This model is adopted as a conservative approach to assess if 
the project objectives can be achieved. Shear failure is defined using a model where shear 
strength (capacity) is related to the average curvature demand over an element (plastic hinge 
length). As nonlinear curvature increases, shear strength degrades from 1.5Vn to 1.0Vn defined by 
ACI 318-19. Although an axial failure model is defined, and some model validation results are 
presented, results presented in Chapter 5 will be used to show that use of the axial failure model 
is not necessary to achieve the project objectives.   
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CHAPTER 6. Reinforced Concrete Ductile Coupled Walls: Nonlinear Analyses 
6.1. Nonlinear Analyses of RC Ductile Coupled Walls 
6.1.1. Analysis Procedure 
  Nonlinear static pushover (NSP) analyses and incremental dynamic analyses (IDA) are 
performed in accordance with FEMA P695 for each Archetype using the structural analysis 
software Open Systems for Earthquake Engineering Simulation (OpenSees). Gravity loads for 
the analyses are based on the load combination 1.05D+0.25L, where D and L are the nominal 
dead and live loads of the structure, respectively. Pushover analyses are used to compute the 
system overstrength factor (Ω0) and the period-based ductility (μT), while incremental dynamic 
analyses are used to assess collapse by incrementally increasing the intensity of the 22 pairs of 
scaled far-field ground motions of FEMA P695 Appendix A until just less than half of the 
records reach the established failure flags. 
  Nonlinear static pushover analyses are conducted using a distribution of lateral forces 
over the building height that is directly proportional to the fundamental mode shape of the 
building per FEMA P695 Section 6.3. For each Archetype, the overstrength factor (Ω0) is 
calculated as the ratio of the maximum base shear strength from pushover analysis (Vmax) to the 
design base shear (Vb). The period-based ductility (μT) is obtained by dividing the ultimate roof 
displacement (δu) by the effective yield displacement (δy,eff). The effective yield displacement is 
a function of the ratio of the maximum base shear normalized by the building weight (W) as well 
as the design period (T = CuTa) and the fundamental period of the building using eigenvalue 
analysis (T1). The ultimate roof displacement is computed at the onset of 20% strength loss as 
predicted by the drift capacity model described in section 5.2.1.1, or at the onset of shear failure, 
whichever occurs first. The static pushover parameters are summarized as: 
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 ΩT = 𝑉¥{}/𝑉/         (6-1) 𝜇§ = 𝛿/𝛿6,C        (6-2) 𝛿6,C = 𝐶T ©¨ª«¬ ­ ®¯I° (𝑚𝑎𝑥{𝑇, 𝑇})S     (6-3) 
where 𝐶T = 𝜙,| ∑ ¥«µG,«¶G∑ ¥«µG,«I¶G         (6-4) 
Nonlinear incremental dynamic analyses (IDA) are conducted to compute the collapse 
capacity of the Archetypes by proportionally increasing the intensity of the 44 ground motion 
records until the collapse of the Archetype building is reached as represented by the model. For 
the analyses, the ATC-63 Far-Field ground motions are used, which includes twenty-two pairs of 
horizontal ground motions. These far-field ground motions are selected from the PEER NGA 
database from sites located greater than or equal to 10 km from fault rupture having peak ground 
accelerations greater than 0.2g, peak ground velocities greater than 15 cm/sec, and magnitudes 
greater than M6.5. The accelerations are adjusted with the normalization factors prescribed in 
FEMA P695 Table A-4D to remove unwanted variability between records. The 44 ground 
motions (22 records, each with 2 horizontal components) are summarized in Table 6-1, and their 
response spectra are shown in Figure 6.1. Per ATC-63, the vertical direction of earthquake 
shaking is not considered important for collapse evaluation and is thus neglected for IDA. For 
this study, each of the horizontal pairs is applied to the 2D model; therefore, 44 runs are 
considered for each ground motion intensity.  
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Table 6-1: Summary of the Far-Field Record Set (FEMA P695 Table A-4A) 
 
 
 
Figure 6.1: Response Spectra of ATC-63 Far Field Ground Motions (FEMA P695 Figure A-3) 
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Results from the incremental dynamic analyses are used to obtain the median collapse 
capacity intensity (SCT) and the collapse margin ratio (CMR) for each Archetype. The median 
collapse intensity (SCT) is established by determining the 5%-damped spectral acceleration at 
which half of the ground motions cause the structure to collapse using the project failure criteria, 
i.e., with the drift capacity model or the shear failure model for this study. The collapse margin 
ratio is then computed to characterize the collapse safety of the Archetype as the ratio of the 
median collapse spectral intensity SCT to SMT, where SMT is the intensity of the Maximum 
Considered Earthquake (MCE) obtained from the response spectrum of MCE ground motions at 
the fundamental period (T) of the building.  
 𝐶𝑀𝑅 = 𝑆¸§/𝑆D§        (6-5) 
 𝐴𝐶𝑀𝑅 = 𝑆𝑆𝐹 × 𝐶𝑀𝑅       (6-6) 
The collapse margin ratio is adjusted by the period and ductility dependent spectral shape factors 
(SSFs) prescribed in FEMA P695 §7.2.2 (Table 6-2) in order to account for the effects of the 
frequency content (spectral shape) of the ground motion record set. 
Table 6-2: Spectral shape factor (SSF) for Archetypes designed for SDC Dmax  
(FEMA P695, Table 7-1b) 
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In order to account for uncertainty that can contribute to variability in collapse capacity, 
four sources of uncertainty are considered in the collapse assessment process. The total system 
uncertainty is based on uncertainties associated with ground motions (βRTR), design requirements 
(βDR), test data (βTD), and modeling uncertainty (βMDL), and is computed as: 𝛽§¼§ = X𝛽½§½S + 𝛽N½S + 𝛽§NS + 𝛽DNJS       (6-7) 
The record-to-record uncertainty is set to βRTR = 0.4 as specified in FEMA P695 §7.3.1 for the 
far-field ground motion record set. The “Good” quality ratings chosen in this project are based 
on consideration of thorough design requirements, comprehensive test databases, and improved 
modeling capabilities. Although use of lower uncertainty values can be justified based on having 
more comprehensive design and analysis requirements compared to what was available during 
previous research efforts, “Good” quality ratings are still chosen in this project, as was done in 
the NIST (2010) study, with βDR = 0.2, βTD = 0.2, and βMDL = 0.2 resulting in a total system 
collapse uncertainty (βTOT) of about 0.525. 
Given a total system uncertainty, the acceptable collapse margin ratios at 20% collapse 
probability (ACMR20%) and at 10% collapse probability (ACMR10%) are determined per FEMA 
P695 §7.4. In this project, ACMR20% and ACMR10% values corresponding to βTOT = 0.525 are 
1.56 for each individual Archetype within a performance group and 1.96 on average across a 
performance group, respectively. Table 6-3 presents the collapse probabilities at total system 
collapse uncertainty values of 0.525 and 0.500 for comparison purposes. 
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Table 6-3: Acceptable ACMR Values (FEMA P695, Table 7-3) 
 
Once results from IDAs are obtained and the acceptable ACMR values are established, 
each Archetype is assessed for conformance with the FEMA P695 acceptability criteria by 
comparing the adjusted collapse margin ratio (ACMR) to the acceptable collapse margin ratios 
listed in FEMA Table 7-3 based on the system collapse uncertainty (βTOT). For a given Archetype, 
if the building ACMR is greater than the Acceptable ACMR at 20% collapse probability 
(ACMR20%), then the Archetype passes the performance criteria. The average of the ACMRs of 
Archetypes in a given performance group must also be compared to the Acceptable ACMR at 10% 
collapse probability (ACMR10%) to assess whether the performance group as a whole passes the 
FEMA P695 performance criteria. A summary of the collapse assessment results for the 
Archetypes in this project are presented in Table 6-8. 
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6.1.2. Results of initial Archetype Designs 
  During preliminary assessment, analyses were conducted for a subset of Archetypes that 
were designed conforming to ACI 318-14 provisions without considering the increased wall 
shear demands accounting for shear amplification. Flexural failure using the drift capacity model 
and shear failure were both assessed. Although the preliminary Archetypes met the drift capacity 
design check described in section 4.2, they experienced too many shear failures at low median 
collapse intensities and had ACMRs that did not satisfy the FEMA P695 acceptability criteria.  
  The failure flags for a select number of preliminary analyses are summarized in Table 6-4 
by tracking the step at which the first failure mode occurs, whether it is the drift capacity flexural 
failure or shear failure. It is evident that Archetypes designed per ACI 318-14 shear provisions 
experience shear failures resulting in low median collapse intensities and ACMRs. For example, 
when the 8-story Archetype 8H-DR-3.0 is subjected to MCE level shaking (at a ground motion 
scaling factor (SF) of 2.45), 31 out of 44 records fail, 27 due to shear failure and 4 due to flexural 
failure; even at a lower ground motion scaling factor of 2.20, 18 instances of shear failure occur 
along with 2 flexural failures resulting in a low median collapse intensity SCT = 1.22. The 12-
story Archetype 12H-DR-3.0 similarly experiences too many shear failure flags with 24 records 
failing in shear and 2 records failing in flexure at a ground motion scaling factor of 2.0, and has a 
resulting low SCT = 0.68 that leads to not conforming to the FEMA P695 Acceptability criteria; 
the number of records that reach failure is even higher at MCE level shaking (at SF=2.59) with 
Archetype 12H-DR-3.0 experiencing 33 shear failures and 7 drift capacity failures. Figure 6.2 
and Figure 6.3 each show a sample collapse margin ratio (CMR) plot from IDA results in which 
the median collapse spectral intensity (SCT) is lower than the MCE spectral intensity (SMT) 
resulting in an unacceptably low ACMR. Other Archetypes experienced similar unacceptable 
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ACMRs due to high occurrences of shear failures.  
  
Figure 6.2: CMR Plot for Preliminary Archetype CW-8H-3.0 designed per ACI 318-14 
 
Figure 6.3: CMR Plot for Preliminary Archetype CW-12H-3.0 designed per ACI 318-14   
To pass acceptability criteria: 
SCT > 1.47 for Archetype & 
SCT > ~1.84 for PG 
 
SCT = 1.22 
SMT =1.20 
 
SMT = 0.89 
SCT = 0.68 
 
To pass acceptability criteria: 
SCT > 1.08 for Archetype & 
SCT > ~1.355 for PG 
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  As the height of the Archetypes increase, the system overstrength and design period 
(CuTa) per ASCE 7 increase resulting in an acceptable Archetype ACMR greater than ACMR20. 
However, even though the ACMRs of the preliminary Archetypes satisfy the 20% probability of 
collapse criteria, the mean of the ACMRs for the entire performance group do not satisfy the 
10% probability of collapse criteria, thus still requiring the taller Archetypes to be redesigned 
with increased shear capacity. For example, the 18-story 18H-DR-3.0 Archetype experiences 
failure in over half of the records  (23 shear failures and 2 drift capacity failures) at a ground 
motion scaling factor of 2.20 (Table 6-4); this results in SCT = 0.672, CMR = 1.03, and ACMR = 
1.58, which is just above the acceptable value of ACMR20 = 1.56; however, in order for the 
performance group to satisfy the 10% probability of collapse acceptability criteria, the 18-story 
Archetypes need to have an SCT greater than 0.82 with fewer than 22 records failing at a ground 
motion SF of 2.4. 
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Table 6-4: Failure Results for Preliminary Archetypes (time step at failure)1 
EQ 
CW-8H-3.0 CW-12H-3.0 CW-18H-3.0 
SF = 2.20 SF = 2.45 SF = 2.00 SF = 2.59 SF = 1.73 
Flexure Shear Flexure Shear Flexure Shear Flexure Shear Flexure Shear 
1 - - - 905 1016 957 1017 745 - - 
2 - 569 - 568 - - - 546 - 841 
3 - 1165 - 1166 - - - 1224 - 1221 
4 - - - - - - - - - - 
5 - - 5619 961 5534 933 5524 932 - - 
6 - - 2007 - - - 3077 1753 - - 
7 - 830 - 830 - 836 - 810 - 880 
8 - - - - - - 1624 1318 - - 
9 - - - - 2986 - 2974 - - - 
10 - - - - - - - - - - 
11 - - - - - 918 1007 919 - 980 
12 - - - - - - - 5720 - - 
13 - 1279 - 1277 - 1032 - 1009 - 1309 
14 - 1044 - 1045 - - - 1387 - - 
15 - - - - - 670 - 669 - - 
16 - - - 2792 - - 2739 - - - 
17 - 723 - 723 796 726 789 725 - 728 
18 - - - 380 - 379 - 366 - 446 
19 - - - - - - 8153 - - - 
20 - 9070 - 9036 - 9032 - 9027 - - 
21 - 809 866 809 1055 456 894 294 - 536 
22 - 1026 - 1024 - 955 - 916 - 919 
23 - 558 - 535 - 1024 - 930 - - 
24 - 592 - 591 - 589 - 586 - 592 
25 - 1187 - 1186 - 1185 - 1183 - 1156 
26 - - - 698 - - - 736 - 627 
27 3199 - 3183 1142 - 1023 3141 1022 - - 
28 - - - 1858 - 2158 - 2152 - 2155 
29 - 864 - 862 - 895 - 895 - 932 
30 - - - 1446 - 1446 - 1446 - - 
31 - - 1783 - - 1904 1677 1896 - 1818 
32 - - - - - - 3629 - 3743 - 
33 - - - - - - - - - - 
34 - 5261 6262 5159 - 5140 6262 5133 - 5463 
35 - 1395 - 1394 - 1882 - 1750 - 1664 
36 - - 1178 - - - 1052 - - - 
37 - - - - - - - 598 - 637 
38 2959 - 2935 - - - - - - - 
39 - - - 621 - 629 681 630 - 925 
40 - 348 - 328 - - - 353 - 350 
41 - - - - 8325 - 8305 - 8469 7890 
42 - 9082 - 9082 - 9081 - 9038 - 9034 
43 - - - - - - - 380 - 654 
44 - 888 - 888 - 886 - 886 - 890 
Failures: 2 Flexure, 18 Shear 4 Flexure, 27 Shear 2 Flexure, 24 Shear 7 Flexure, 33 Shear 2 Flexure, 23 Shear 
1 Values in red indicate the failure flag that was reached first. 
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  A summary of the collapse assessment results for the preliminary Archetypes are 
presented in Table 6-5 highlighting the need to revise the Archetype designs for conformance 
with the FEMA P695 acceptability criteria. For these preliminary Archetypes, although the drift 
level associated with the axial failure model had not yet been reached, (which was typically 
around 5% lateral drift as illustrated in Figure 4.6), the project team and the advisory panel opted 
for a more conservative design approach to revise the Archetypes to meet amplified shear 
demands as presented in Section 4.2.2 since the axial failure model has only been validated 
based on relatively few tests of isolated cantilever walls. 
Table 6-5: IDA and Collapse Assessment Results for a Subset of Preliminary Archetypes 
 
6.1.3. Analysis Results of Final Archetype Designs 
The nonlinear pushover analysis and IDA results of the final Archetype designs are 
presented in this section. As described in section 4.2.2 of this report, the preliminary Archetypes 
were redesigned to meet amplified shear demands with additional wall shear reinforcement and 
increased wall thickness at the lower levels. The increased overstrength and collapse margin 
ratios of the final revised Archetypes are described herein. 
Archetype ID 
Preliminary Designs Conforming to 
ACI 318-14 Shear Provisions 
Ω0 μT SMT [T] SCT [T] CMR SSF ACMR 
Arch. 
Pass? 
PG 
Pass? 
CW-8H-3 2.04 4.17 1.20 1.22 1.02 1.25 1.27 Fail Fail 
CW-12H-3 1.65 3.07 0.89 0.68 0.77 1.25 0.96 Fail Fail 
CW-18H-3 1.77 6.92 0.65 0.67 1.03 1.53 1.58 Pass Fail 
CW-24H-3 1.79 > 8 0.53 0.59 1.12 1.61 1.80 Pass Fail 
CW-30H-3 1.81 7.46 0.45 0.51 1.13 1.63 1.84 Pass Fail 
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6.1.3.1 Pushover Analysis Results 
Results from the nonlinear pushover analyses are presented in Table 6-8 as well as by the 
pushover curves in Figure 6.4 for the Archetypes considered in this project. On each pushover 
curve, the roof drift at which the drift capacity model predicts flexural failure is indicated by a 
specified point which typically occurs close to the onset of strength loss predicted by the 
nonlinear model. Analysis results confirm that Archetypes with diagonally reinforced (DR) 
coupling beams have a higher base shear overstrength and perform better than Archetypes with 
conventionally reinforced (CR) coupling beams. The Archetypes with DR coupling beams tend 
to experience the onset of strength loss at larger roof drifts between 3 to 3.5 percent as predicted 
by the drift capacity model due to flexural failure at the base of the wall piers. However, the 
Archetypes with conventionally reinforced coupling beams experience an earlier more abrupt 
degradation in base shear strength at lower roof drifts ranging from 2 to 3 percent due to the 
strength loss associated with coupling beams. 
For assessment of the system overstrength per FEMA P695 section 7.6, the proposed 
overstrength factor is taken as the upper bound value from the mean of the performance groups, 
rounded to the next half unit interval. For the Archetypes considered in this study, the average 
overstrength factors among the performance groups vary from 1.3 to 2.2. As a result, an 
overstrength factor Ω0 = 2.5 is proposed for RC Ductile Coupled Wall systems. 
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Figure 6.4: Pushover Curves for various Archetypes 
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Sample pushover results for the Archetype 8H-DR-3.0 are presented in Figure 6.5 at the 
specified roof drifts including the drift at which the drift capacity model predicts failure. At the 
failure drift of 2.77% for this Archetype, the maximum wall shear stresses are below 6X𝑓:Y𝐴:] 
and coupling beam rotations are below 0.045. The strain profile along the wall height 
presented in Figure 6.5(c) indicates that the nonlinear tension strains in longitudinal 
reinforcement are concentrated at the wall base, as intended in the design, and that tensile strains 
exceed yield at locations where longitudinal reinforcement is terminated over the wall height. 
For taller wall buildings, it is generally not practical to limit yielding to only the critical section 
at the wall base, especially for the tension pier, as noted in Figure 6.5c for Wall 1. The system 
overstrength computed using the ratio of the maximum shear to the design base shear is 2.25. 
Similar results determining the system overstrength and member stresses are obtained for all 
other Archetypes.  
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Figure 6.5: Sample Pushover Results for Archetype 8H-DR-3.0: 
a) wall shear stress, b) coupling beam rotation, c) wall strain profile 
 
 
  Sample pushover results of wall and coupling beam shears (Figure 6.6) for the Archetype 
8H-CR-4.0 present the typical strength loss that occurs for Archetypes with conventionally-
reinforced coupling beams versus diagonally-reinforced coupling beams. In the example of 8H-
CR-4.0, it is evident that the lateral strength loss of the system occurs as a result of the coupling 
beam strength loss at a time step corresponding to a roof drift of about 2.9%, whereas the drift 
capacity model predicts flexural failure of the compression wall pier at a drift of 3.2%. 
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Figure 6.6: Sample Pushover Results for Archetype 8H-CR-4.0 
6.1.3.2 IDA Results 
  Following the pushover analyses, IDAs are conducted for each Archetype by 
incrementally scaling up the ground motions until just fewer than half of the records reach 
collapse according to one or more of the failure models described in Chapter 4. The results of the 
incremental dynamic analyses are summarized in Table 6-8.  
  In comparison to the preliminary designs, the revised final Archetypes experience fewer 
shear failures, have higher median collapse intensities and ACMRs, and meet the FEMA P695 
acceptability criteria. For example, when the revised Archetype 8H-DR-3.0 is subjected to 
ground motion shaking at SF of 3.9, only two records experience shear failure and 17 records 
experience flexural failure the records fail (21 flexural failures) resulting in an improved ACMR 
= 2.08 which meets the ACMR20 and ACMR10 acceptability limits. The 12-story Archetype 12H-
DR-3.0 also experiences far fewer shear failures at the ground motion SF of 4.1 with only 2 of 44 
records failing in shear and 19 records failing the drift capacity failure criteria, thus resulting in a 
higher SCT = 1.39 and ACMR = 2.14 and passing the FEMA P695 Acceptability criteria. 
Similarly, the taller Archetype buildings experience fewer shear failures, higher SCT values, and 
acceptable ACMRs. 
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  To demonstrate collapse, an illustrative IDA plot for a sample Archetype is presented in 
Figure 6.7 indicating the ground motion spectral accelerations at increasing maximum drifts. For 
a certain Archetype model, each point on the IDA plot corresponds to the nonlinear dynamic 
analysis results subject to a single ground motion at a specific intensity level, and each line 
represents results for one ground motion for all increasing intensities. The IDA plot of Archetype 
8H-DR-3 shown in Figure 6.7 indicates the median collapse intensity, SCT = 1.95 and the 
collapse margin ratio, CMR = 1.62.  
 
Figure 6.7: CMR Plot for Archetype 8H-DR-3 
Response history analysis results are presented in Figure 6.8 for Archetype 12H-DR-3.0 
subject to ground motions at the scaling factor corresponding to the median collapse intensity (at 
“collapse”). Peak analysis results from the 44 records show that the mean peak wall pier shear 
stresses along the building height are less than the mean shear strength of 1.5 times 10X𝑓:Y𝐴:], 
and the shear profile presented in Figure 6.8(a) highlights the need to design for amplified shear 
demands (Ve) where linear methods of ASCE 7 are used for design. Wall moments generally 
increase down the wall height as shown in Figure 6.8(b). The values presented in Figure 5.8(c) 
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suggest that mean wall rotations are less than about 0.009 but reach yield considering an 
estimated value (i.e., 0.003/𝑙[ × 60" = 0.0016) for yield rotation. 
IDA results in Figure 6.8(d) present the concentration of compressive strains at the wall 
base, while Figure 5.9 presents the distribution of peak wall tensile and compressive strains from 
the 44 records at collapse. The peak tensile strains determined at “collapse” are typically less 
than 0.025 suggesting the unlikelihood of rebar buckling or fracture which is commonly 
considered at strains of about 0.05 (NIST, 2010). The peak compressive strains are less than the 
limit of 0.01, commonly considered to indicate the initiation of concrete crushing failure (Segura 
and Wallace, 2018b). The observed peak compressive strains below the value of 0.01 are 
typically acceptable for well-confined concrete considering that flexural compression failure is 
predicted in this study using the drift capacity model as described in section 5.2.1.1.  
As presented in Figure 5.8(e) and Figure 5.8(f) respectively, the mean nonlinear 
maximum drifts are less than 3.5%, and the mean coupling beam rotations do not exceed 0.06. 
Similar results for story drifts, wall shear stresses, wall strains, and coupling beam rotations are 
observed for the other Archetypes.  
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b) wall moment profile 
 
c) wall rotations 
 
Figure 6.8 (continued) 
0 0.5 1 1.5 2 2.5 3
Moment (k-ft) 104
1
2
3
4
5
6
7
8
9
10
11
12
Fl
oo
r L
ev
el
Records
Mean
Design Mu
0 0.5 1 1.5 2 2.5 3
Moment (k-ft) 104
1
2
3
4
5
6
7
8
9
10
11
12
Fl
oo
r L
ev
el
Records
Mean
Design Mu
0 0.005 0.01 0.015 0.02 0.025
Wall Rotation
1
2
3
4
5
6
7
8
9
10
11
12
Fl
oo
r L
ev
el
Wall 1, RHA Results at "collapse"
Records
Mean
Yield
0 0.005 0.01 0.015 0.02 0.025
Wall Rotation
1
2
3
4
5
6
7
8
9
10
11
12
Fl
oo
r L
ev
el
Wall 2, RHA Results at "collapse"
Records
Mean
Yield
 181 
 
d) wall strains 
  
e) story drift  f) coupling beam rotations 
Figure 6.8: Sample Analysis Results for Archetype 12H-DR-3.0 at collapse:  
a) wall shear stress ; b) wall moment profile; c) wall strains; d) wall rotations; e) story drift; f) 
coupling beam rotations 
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Figure 6.9: Peak Wall Strains for Archetype 12H-DR-3.0 at collapse 
   
  Drift responses at DE and MCE level shaking are presented in Figure 6.10 for one short 
(8-story) and in Figure 6.11 for one tall (30-story) Archetype. The results indicate that the mean 
peak story drifts from the 44 records at DE level shaking do not exceed the ASCE 7 design 
allowable drift of 2 percent, and that the taller Archetypes experience higher drifts as expected. 
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Figure 6.10: Drift Response Plot for Archetype 8H-DR-3.0 
 
Figure 6.11: Drift Response Plot for Archetype 30H-DR-3.0 
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6.1.3.2.1. IDA Results at DE Level Shaking 
Story shears are presented in Figure 6.12 for a coupled wall for a coupled wall comparing 
the values from the ELF, RSA, RSA design amplified shear demand (Ve), and NLRHA results 
for DE level shaking. In general, ELF wall shear and moment demands exceed RSA demands 
along the building height. The NLRHA values shown include the mean of the maximum story 
shears from the 44 ground motions as well as mean ± standard deviation values. The story shears 
represent the sum of the individual shears of the coupled wall piers. The NLRHA results 
highlight the effects of wall shear amplification as nonlinear shear demands range about 2 to 4 
times the design shear demands at the lower levels. 
Story drifts are presented in Figure 6.13 including the drifts at the center of mass from the 
RSA designs using Cd = R = 8, the 2% drift limit, and the mean as well as mean ± standard 
deviation of the nonlinear story drift results from 44 ground motions scaled to the DE level 
shaking. Mean nonlinear story drifts match closely with design drifts for the shorter 6, 8, and 12-
story coupled wall Archetypes. However, the design story drifts for the taller 24- and 30-story 
Archetypes exceed the average drift values determined from NLRHA.   
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Figure 6.12: Story Shears at DE Level Shaking 
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Figure 6.13: Story Drifts at DE Level Shaking 
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6.1.4. Assessment of the Deflection Amplification Factor, Cd 
FEMA P695 describes the deflection amplification factor Cd as a ratio of the acceptable 
value of R of the system with consideration of the effective damping. The ratio of Cd to R can be 
assessed from analysis results using the roof drift corresponding to design base shear (δE/R) and 
the assumed roof drift of the yielded system corresponding to design earthquake (DE) ground 
motions (δ). Figure 6.14 presents the illustration of the seismic performance factors per FEMA. 
 
Figure 6.14: Illustration of seismic performance factors, FEMA P695 Figure 1-1 
The Cd factor for RC Ductile Coupled Walls has been assessed using the ratio of a 
median value of nonlinear inelastic roof drifts (δ) from 44 records at DE level shaking to the 
design level drifts (δE/R). Table 6-6 summarizes the drifts and resulting Cd values for a subset of 
Archetypes. The computed Cd values for these Archetypes result in a median value of Cd = 8.8 
(coefficient of variation = 0.13). 
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Table 6-6: Assessment of Cd based on drifts from a subset of Archetypes 
Archetype # stories Htot (ft.) 
Design  
(δE/R)/Htot (%) 
Median RHA δ 
/ Htot (%) 
Cd 
δ / (δE/R) 
30H-DR-3 30 300 0.145 1.14 7.9 
18H-DR-3 18 180 0.111 1.22 10.9 
12H-DR-3 12 120 0.161 1.58 9.8 
8H-DR-3 8 80 0.127 1.14 9.0 
6H-DR-2 6 60 0.109 0.94 8.6 
6H-CR-5 6 60 0.130 1.05 8.1 
 
The RC Coupled Wall Archetypes have been designed per FEMA P695 guidelines to 
equate Cd to the R factor based on the equal displacement assumption (i.e., “Newmark rule”) for 
systems with effective damping values approximately equal to 5% and structures with 
fundamental periods greater than TS. However, systems with significantly higher levels of 
damping (e.g., systems with viscous dampers) would have significantly smaller displacements 
than those with 5%-damped elastic response; in those cases, an appropriate value of Cd can be 
determined as a fraction of the R factor, Cd = R/B, per the modification methods of Chapter 18 of 
ASCE 7. The numerical coefficient B per ASCE 7-16 Table C18.7-1 is summarized in Table 6-7. 
Table 6-7: Damping Coefficient B per ASCE 7-16 Table C18.7-1 
 
The RC Ductile Coupled Wall Archetypes have been analyzed using equivalent viscous 
damping values ranging from 2.5% for the taller 30 and 24-story buildings to 4.6% for the 
shorter 8 and 6-story buildings following the recommendations of the PEER TBI (2017) 
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guidelines §4.2.7 as described in Section 5.1.4 of this report. Since the RC Ductile Coupled Wall 
Archetypes have been analyzed with slightly lower levels of damping than 5%, the resulting 
drifts are slightly higher than if 5% damping had been used. For the subset of Archetypes listed 
in Table 1, scaling the nonlinear RHA roof drift values by the corresponding interpolated values 
of the numerical coefficient B, results in a median Cd value of 8.4. Therefore, a deflection 
amplification factor of Cd = 8 can be reasonably proposed for RC Ductile Coupled Walls. 
It is important to note that the proposal of Cd = 8 is based on design drift values that are 
obtained using a wall flexural effective stiffness Ieff = 0.75Ig based on input from our advisory 
panel for effective stiffness values commonly used in practice for RC coupled walls. This 
effective stiffness assumption results in lower design drifts than if, for example, Ieff = 0.5Ig were 
used in design. However, since the Archetypes have been designed for amplified shear demands 
(and conform to the drift capacity check) per the new provisions of ACI 318-19, the designs are 
not drift-governed and the wall piers are thicker and stiffer than if designed per ACI 318-14. The 
maximum design drifts observed at the center of mass among any of our Archetypes is less than 
1.6% when using Ieff = 0.75Ig and less than 2% when using Ieff = 0.5Ig (per ACI 318-14, Section 
6.6.3.1.2, this value is permitted to compute drifts). 
If any of our coupled wall Archetypes were designed with wall Ieff = 0.5Ig, instead of 
0.75Ig, they would still meet the 2% design drift limit due to shear amplification considerations 
governing the design. The design forces would also remain unchanged using wall Ieff = 0.5Ig 
since the ASCE 7 code upper limit period Tu = CuTa and minimum Cs considerations govern the 
base shear demand for all Archetypes. Moreover, the wall pier designs would remain unchanged 
because the minimum wall area (length and thickness) that have been optimized for these 
Archetypes are governed by shear amplification and the requirement that walls sharing a 
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common shear force not exceed a shear stress of 8X𝑓:Y𝐴:]. However, it is possible that other 
building designs would not meet the code allowable drift using Ieff = 0.5Ig, and would require 
added stiffness to meet drift limits.  
Overall, based on the results of the FEMA P695 study on RC Ductile Coupled walls, the 
deflection amplification factor being proposed in the ASCE 7 code change ballot is Cd = 8.  
6.1.5. Shear at Peak Drift 
Nonlinear analysis results for MCE level shaking were studied for a subset of Archetypes 
to compare the wall shear at peak drift to the peak shear experienced in the response history. The 
goal was to assess the level of shear demand associated with the peak drift demand since the drift 
capacity model is based on using peak values for drift and shear. For each analysis the 
corresponding values of wall shears were recorded at the top 30 drift values throughout the 
response history as presented in Figure 6.15 for a sample 6-story Archetype subject to one MCE 
level shaking. Maximum drifts typically occurred in one or two peak cycles for many of the 
ground motion records; therefore, the statistics generated for mean shear to peak drift are not 
necessarily meaningful (Figure 6.15). The ratio of wall shears at peak drifts (V@dmax) to the peak 
shear (Vmax) were assessed for eleven Archetypes of varying building height as shown in the 
distribution plot in Figure 6.16. Overall, the median ratios of V@dmax to Vmax from the 44 records 
reduce as building height increases with median ratios ranging from about 0.5 for a 2-story 
building to about 0.2 for a 30-story building. However, since the maximum ratios of V@dmax to 
Vmax from the 44 records are about 0.92 on average, it is not overly conservative to assume that 
peak wall shears occur simultaneously with peak drift.   
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Figure 6.15: Shear at Peak Drift for Archetype 6H-DR-2.0 
 
 
Figure 6.16: Ratio of V@dmax to Peak Shear for a subset of Archetypes 
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6.1.6. Summary of Analysis Results 
A summary of the analysis results for all Archetypes is presented in Table 6-8. The 
results show that all 6 to 30 story Archetypes pass the FEMA P695 collapse acceptability criteria 
in efforts to help validate the use of R = 8 for ductile coupled wall systems that are designed in 
conformance with the ASCE 7-16 and ACI 318-19 provisions. 
It is noted that the ACMRs for the 6-, 8-, and 12-story Archetypes are very close to the 
acceptable ACMRs. This is a result of associated collapse with initiation of significant strength 
loss (deformation associated with a 20% drop from peak strength), which typically resulted in a 
drift capacity of around 3%. In prior studies, alternative definitions of collapse have been used 
based on consensus opinions. For example, in the NIST (2010) study, strength loss was modeled 
and collapse was defined as reaching a roof drift ratio of 5%. In this study, acceptable ACMRs 
were achieved despite using a conservative definition of collapse for flexural failures based on 
the drift capacity model. The actual probability of collapse is considerably smaller than 
suggested by comparing the computed ACMRs for a given Performance Group with the 
acceptable ACMR. It is noted that consideration of wall shear amplification also was critical to 
achieving acceptable ACMRs.   
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Table 6-8: Summary of Collapse Results for Ductile RC Coupled Wall Archetypes 
Archetype 
ID 
Pushover Results IDA Results Acceptability 
Static Ω μT SMT [T] SCT [T] CMR SSF ACMR Accept. ACMR 
Pass 
/Fail 
6H-DR-2.0 2.28 7.54 1.49 2.68 1.80 1.35 2.42 
1.56 
Pass 
8H-DR-2.0 2.11 5.43 
1.20 
1.90 1.58 1.29 2.04 Pass 
8H-DR-2.4 2.09 6.06 1.95 1.62 1.32 2.13 Pass 
8H-DR-3.0 2.25 5.26 1.95 1.62 1.29 2.08 Pass 
8H-DR-3.3 2.12 5.60 1.95 1.62 1.30 2.10 Pass 
Mean: 2.17 5.98    Mean: 2.16 1.96 Pass 
6H-CR-5.0 1.73 7.97 1.49 2.55 1.71 1.36 2.32 
1.56 
Pass 
8H-CR-3.3 1.63 8.03 
1.20 
1.85 1.54 1.38 2.23 Pass 
8H-CR-4.0 1.59 7.93 1.85 1.54 1.38 2.29 Pass 
8H-CR-5.0 1.45 7.57 1.85 1.54 1.37 2.22 Pass 
Mean: 1.60 7.87    Mean: 2.27 1.96 Pass 
12H-DR-2.0 1.36 6.65 
0.89 
1.33 1.50 1.41 2.12 
1.56 
Pass 
12H-DR-2.4 1.40 6.07 1.33 1.50 1.39 2.08 Pass 
12H-DR-3.0 1.54 5.50 1.39 1.57 1.36 2.14 Pass 
12H-DR-3.3 1.59 6.15 1.39 1.57 1.39 2.18 Pass 
Mean: 1.47 6.09    Mean: 2.13 1.96 Pass 
12H-CR-3.3 1.35 8.06 
0.89 
1.22 1.38 1.46 2.01 
1.56 
Pass 
12H-CR-4.0 1.36 7.76 1.29 1.46 1.46 2.13 Pass 
12H-CR-5.0 1.31 7.71 1.29 1.46 1.46 2.12 Pass 
Mean: 1.34 7.84    Mean: 2.09 1.96 Pass 
18H-DR-2.0 2.06 6.24 
0.65 
0.97 1.48 1.49 2.21 
1.56 
Pass 
18H-DR-2.4 2.01 5.35 0.97 1.48 1.44 2.14 Pass 
18H-DR-3.0 1.98 5.11 1.02 1.55 1.43 2.21 Pass 
18H-DR-3.3 2.04 4.40 1.02 1.55 1.38 2.15 Pass 
Mean: 2.02 5.28    Mean: 2.18 1.96 Pass 
18H-CR-3.3 1.59 6.09 
0.65 
0.91 1.39 1.48 2.06 
1.56 
Pass 
18H-CR-4.0 1.58 5.85 0.97 1.48 1.47 2.18 Pass 
18H-CR-5.0 1.65 5.42 0.97 1.48 1.44 2.14 Pass 
Mean: 1.61 5.79    Mean: 2.13 1.96 Pass 
24H-DR-2.0 1.63 11.94 
0.53 
0.76 1.443 1.61 2.32 
1.56 
Pass 
24H-DR-2.4 1.65 9.70 0.76 1.443 1.61 2.32 Pass 
24H-DR-3.0 1.80 7.10 0.77 1.455 1.57 2.28 Pass 
24H-DR-3.3 1.83 7.07 0.77 1.455 1.57 2.28 Pass 
Mean: 1.73 8.95    Mean: 2.30 1.96 Pass 
24H-CR-3.3 1.390 10.04 
0.53 
0.75 1.43 1.61 2.30 
1.56 
Pass 
24H-CR-4.0 1.391 9.40 0.75 1.43 1.61 2.30 Pass 
24H-CR-5.0 1.513 8.16 0.76 1.44 1.61 2.32 Pass 
Mean: 1.43 9.20    Mean: 2.31 1.96 Pass 
30H-DR-2.0 1.21 14.61 
0.45 
0.79 1.77 1.61 2.85 
1.56 
Pass 
30H-DR-2.4 1.25 13.66 0.79 1.77 1.61 2.85 Pass 
30H-DR-3.0 1.43 10.30 0.82 1.84 1.61 2.96 Pass 
30H-DR-3.3 1.62 8.32 0.82 1.84 1.61 2.96 Pass 
Mean: 1.38 11.72    Mean: 2.91 1.96 Pass 
30H-CR-3.3 1.24 14.44 
0.45 
0.76 1.70 1.61 2.74 
1.56 
Pass 
30H-CR-4.0 1.29 10.13 0.76 1.70 1.61 2.74 Pass 
30H-CR-5.0 1.44 10.03 0.75 1.68 1.61 2.71 Pass 
Mean: 1.32 11.53    Mean: 2.73 1.96 Pass 
 194 
6.2. Additional Studies 
Section 6.2 summarizes the findings from additional studies conducted after completing 
the original scope of the FEMA P695 study on RC Ductile Coupled Walls.    
6.2.1. Dmin Archetypes 
A select number of Archetypes have been designed for the seismic hazard level of Dmin 
having spectral design values for SDS and SD1 of 0.50g and 0.20g, respectively. This effort 
confirms that the Dmin designs do not govern the collapse assessment by validating that their 
resulting collapse margin ratios exceed those of the Dmax Archetype designs. A 12-story 
Archetype and a 24-story Archetype are assessed having coupling beam aspect ratio ln/h = 3. The 
Dmin Archetypes are based on the same design approach and basic floor plan layout as the Dmax 
Archetypes except for having thinner and shorter wall piers due to reduced seismic demands. 
Although seismic loading from high hazards (i.e., Dmax) typically govern over wind 
loading, tall buildings subject to lower seismic hazard levels (i.e., Dmin) may be governed by 
wind load considerations. FEMA P695 section 4.2.4 states that overstrength from non-seismic 
loading, that would not apply to all buildings everywhere (e.g., hurricane wind forces), should 
not be considered in the development of Archetype designs; only the 10 psf minimum wind load 
requirements of ASCE 7 (that are required for all structures) need be considered for the designs. 
Section 5.2.6 of FEMA P695 also states that, although it is not required to design Archetypes for 
wind loads, the lowest basic wind speed of ASCE 7 can be used for wind demands in cases 
where minimum values of wind load exceed seismic load. Based on input from the advisory 
panel, the lowest wind demand for checking member strengths for a typical design is the 700-
year MRI 90mph wind speed from the ASCE 7-16 wind maps, and the lowest wind demand for 
checking drifts is the 10-year MRI 72 mph wind speed per ASCE 7-16 Figure CC.2-1. For the 
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Archetypes considered in this study, member forces from the lowest wind demands of ASCE 7-
16 were either less than or not significantly greater than the Dmin seismic force demands; 
therefore, overstrength due to wind loading was not applied in the designs. However, the design 
of the Dmin 24-story Archetype was established considering that story drifts due to wind loading 
not exceed a wind drift limit of h/400 (0.25 percent).  
6.2.1.1 12-Story Dmin Archetype Design 
Design details of the 12-Story Dmin Archetype with coupling beam aspect ratio ln/h = 3.0 
(12H-DR-3.0-Dmin) are presented in this section. The design is governed by seismic forces 
(versus wind) and consists of planar wall piers that are 6 feet long and 12 in. thick and coupling 
beams that are 12 in. wide x 30 in. deep. The design concrete compression strength f’c is 6 ksi. 
The fundamental period (T1) of the building is 3.53 seconds, and the period for design (T) is the 
minimum of T1 and CuTa = 1.088 seconds. With a seismic weight of 17,811 kips and governing 
seismic coefficient Cs = (SD1/T)/(R/Ie) = 0.023, the base shear Vb is 411 kips. The maximum 
seismic story drifts presented in Figure 6.17 are less than the allowable drift of 2.0%, and no 
extreme torsional irregularity exists (Δmax/Δavg < 1.4). 
 
Figure 6.17: Archetype 12H-DR-3.0-Dmin Story Drifts 
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Wall amplified shear stresses range from 2.3X𝑓Y:(𝑝𝑠𝑖) at the upper levels to 4.6X𝑓Y:(𝑝𝑠𝑖) 
at the lower levels. The peak axial stress at the wall base is 0.22Agf’c under the governing gravity 
load combination 1.2D+1.6L and 0.33Agf’c when seismic load effects are included under the 
governing load combination (1.2+0.2SDS)D+0.5L+1.0E. The governing net tension force is about 
-0.23Asfy for the piers near the base of the wall. The design is governed by limiting the peak axial 
stress of the wall piers under the governing seismic load combination to about 0.3Agf’c following 
input from the advisory panel.  
The wall shear reinforcement ratio (ρt) is designed to meet amplified shear demands (Ve) 
per the ACI 318-19 §18.10.3 code change proposal using 2 legs of #4 bars and ranges from 0.56% 
at the wall base to 0.28% at the upper levels, exceeding the ACI 318 code minimum 
reinforcement ratio of 0.25%. The contribution of shear strength from horizontal web 
reinforcement (Vs) is below the ACI 318 limit of  8X𝑓′:𝐴:] without having to increase the wall 
thickness any further.   
The wall boundary longitudinal reinforcement (Asb) is designed to have adequate strength 
just slightly greater than the factored demands. The detail for one wall pier at Level 1 showing 
the outer boundary (BE1) and inner boundary (BE2) longitudinal reinforcement as well as the 
corresponding P-M interaction surface is presented in Figure 6.18. P-M interaction section 
analysis is done at every level to compute the flexural strength and determine the maximum 
neutral axis depth of the wall.  
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Figure 6.18: Archetype 12H-DR-3.0-Dmin Level 1 Wall P-M Interaction 
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The length of the special boundary element (SBE) is 26 in., computed according to §18.10.6.4(a) 
as the maximum of {c-0.1𝓵w, c/2}. The SBE extends from the critical section at the base of the 
wall to the top of the first story, a height of 10 feet (i.e., hSBE ≥ max{ℓw, M/(3V)} = 6 ft). 
Boundary transverse reinforcement for the SBE consists of #5 ties spaced at 4 in. on center per 
ACI 318 §18.10.6.4(e) and (f). Moreover, where the boundary longitudinal reinforcement ratios 
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§18.10.6.5(a) are required at levels 2 through 8. 
 The 12-story Dmin Archetype has a design drift capacity of 3.5 percent as computed per 
equation (4-4b) in Section 4.2.1 of this report.  
 The coupling beam and wall reinforcement details are summarized in Table 6-9. 
Maximum coupling beam shear stresses range from 2	 − 	4X𝑓Y:(𝑝𝑠𝑖) and do not exceed the code 
limit stress of 8.5X𝑓Y:(𝑝𝑠𝑖). The degree of coupling is about 70 percent as computed using the 
seismic axial force couple due to overturning (T), the moment arm (l) between the center of the 
tension and compression piers, and the seismic moments M1 and M2 at the base of each wall pier: 
𝐷𝑂𝐶 =	 𝑇𝑙𝑇𝑙 + 𝑀 +𝑀S = 714	𝑘𝑖𝑝𝑠	(6Y + 7.5Y)714	𝑘	(6Y + 7.5Y) + 3270	𝑘 − 𝑓𝑡 = 0.7 
Table 6-9:  CW-12H-3.0-Dmin Design Summary 
Level 
Wall Shear Design Wall Flexure Design Coupling Beam Design 
Wall fv 
Ve/(√f'cAv) 
Wall 
ρt (%) 
Shear 
D/C 
Outer 
Asb 
Middle 
Asb 
Inner 
Asb 
Flexure 
D/C 
Diagonal 
Bars 
Shear 
D/C 
Vu/(√f'c Ag) 
< φ*10 
12 2.33 0.28 0.75 4#4 8#4 4#4 0.43 4#7 0.72 1.7 
11 2.53 0.28 0.81 4#4 8#4 4#4 0.71 4#7 0.87 2.1 
10 2.75 0.28 0.88 4#4 12#4 4#4 0.70 4#7 1.00 2.4 
9 2.88 0.28 0.92 4#4 12#4 4#4 0.92 4#8 0.83 2.6 
8 3.07 0.28 0.99 4#5 12#4 4#4 0.86 4#8 0.90 2.8 
7 3.25 0.33 0.95 4#5 12#4 4#4 0.98 4#8 0.97 3.0 
6 3.44 0.33 1.00 8#5 10#4 6#4 0.79 4#9 0.83 3.2 
5 3.63 0.42 0.93 8#5 10#4 6#4 0.92 4#9 0.89 3.5 
4 3.84 0.42 0.98 8#6 10#4 6#5 0.78 4#9 0.93 3.6 
3 4.18 0.56 0.88 8#6 10#4 6#5 0.96 4#9 0.95 3.7 
2 4.61 0.56 0.97 10#8 8#4 6#5 0.65 4#9 0.90 3.5 
1 4.33 0.56 0.92 10#8 8#4 6#5 0.91 4#9 0.66 2.6 
 
 
  
 199 
6.2.1.2 24-Story Dmin Archetype Design 
Design details of the 24-Story Dmin Archetype with coupling beam aspect ratio ln/h = 3.0 
(24H-DR-3.0-Dmin) are presented in this section. The design consists of flanged wall piers that 
are 8 feet in length with wall pier thickness that is 14 in. thick at the lower six levels and 12 in. 
thick at the upper eighteen levels. The concrete compression strength f’c is 8 ksi. Although a 
design with 12 in. thick wall piers all along the building height had seismic story drifts less than 
1% and wind story drifts less than 0.25%, the wall thickness at the lower six levels had to be 
increased from 12 in. to 14 in. to keep the wall nominal shear strength (Vn) below the 10X𝑓′:𝐴:]
 ACI 318 limit. 
The fundamental mode of the building is torsional, with a period of 7.05 seconds, 
whereas the fundamental translational period is 4.80 seconds. The period for design (T) per 
ASCE 7-16 is the minimum of T1 and CuTa = 1.829 seconds. With a seismic weight of 35,835 
kips and the governing seismic coefficient is Cs = 0.044SDSIe = 0.022, the base shear Vb is 786 
kips. The maximum story drifts are less than the maximum allowable value of 2.0%, and no 
extreme torsional irregularity exists (Δmax/Δavg < 1.4).  
The wall pier and coupling beam designs are summarized in Table 6-10. The coupling 
beams and flanged walls are designed as previously described in Section 4.2 including bi-
directional effects and the impact of accidental torsion. The wall piers require special boundary 
elements throughout the entire wall length at the first story because the neutral axis depth far 
exceeds the limit lw/(600(1.5δu/hw)). Boundary transverse reinforcement for the SBE consists of 
#5 ties spaced at 4 in. on center per ACI 318 §18.10.6.4(e) and (f). Moreover, at levels 1-9 where 
the longitudinal reinforcement ratio exceed the limit of 400/fy, confined ordinary boundary 
elements are required with transverse reinforcement conforming to ACI 318 §18.10.6.5. 
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The 24-story Dmin Archetype has a design drift capacity of 2.9 percent as computed per 
equation (4-4b) in Section 4.2 of this report. Maximum coupling beam shear stresses range from 
2 to 4.5X𝑓Y:(𝑝𝑠𝑖) and do not exceed the code limit stress of 8.5X𝑓Y:(𝑝𝑠𝑖). The degree of 
coupling is about 70 percent, computed using the seismic tensile force due to overturning (T) and 
the moments M1 and M2 at the base of each wall pier: 
𝐷𝑂𝐶 =	 𝑇(8Y + 7.5Y)𝑇(8Y + 7.5Y) + 𝑀1 +𝑀2 = 1796	𝑘𝑖𝑝𝑠	(8′ + 7.5Y)1796	𝑘	(8Y + 7.5Y) + 10644	𝑘 − 𝑓𝑡 = 0.72 
Table 6-10: CW-24H-3.0-Dmin Design Summary 
Level 
Wall Shear Design Wall Flexure Design Coupling Beam Design 
Wall fv 
Ve/(√f'cAv) 
Wall 
ρt (%) 
Shear 
D/C Asb 
Flexure 
D/C 
Diagonal 
Bars 
Shear 
D/C 
Vu/(√f'c Ag) 
< φ*10 
24 2.49 0.28 0.86 2#4@12" 0.46 4#7 0.91 1.9 
23 3.13 0.33 0.99 2#4@12" 0.56 4#8 0.79 2.1 
22 3.85 0.57 0.88 2#4@12" 0.75 4#8 0.89 2.4 
21 4.26 0.57 0.97 2#4@12" 0.98 4#8 0.98 2.6 
20 4.46 0.73 0.86 2#5@12" 0.87 4#9 0.83 2.8 
19 4.56 0.73 0.88 2#5@12" 0.99 4#9 0.88 3.0 
18 4.70 0.73 0.91 2#6@12" 0.81 4#9 0.91 3.1 
17 4.87 0.73 0.94 2#6@12" 0.84 4#9 0.95 3.2 
16 5.04 0.73 0.97 2#6@12" 0.86 4#9 0.99 3.4 
15 5.25 0.81 0.94 2#6@12" 0.89 4#10 0.82 3.5 
14 5.38 0.81 0.96 2#6@12" 0.92 4#10 0.85 3.6 
13 5.52 0.81 0.99 2#6@12" 0.94 4#10 0.88 3.8 
12 5.72 0.92 0.94 2#6@12" 0.94 4#10 0.92 3.9 
11 5.96 0.92 0.98 2#6@12" 0.95 4#10 0.96 4.1 
10 6.23 1.00 0.95 2#6@12" 0.98 4#10 0.99 4.2 
9 6.44 1.00 0.99 2#7@12" 0.83 4#11 0.84 4.4 
8 6.61 1.11 0.93 2#7@12" 0.89 4#11 0.85 4.4 
7 6.78 1.11 0.96 2#7@12" 0.97 4#11 0.85 4.5 
6 6.10 1.07 0.89 2#7@9" 0.83 4#11 0.97 4.3 
5 6.37 1.07 0.92 2#7@9" 0.91 4#11 0.95 4.3 
4 6.66 1.07 0.97 2#9@9" 0.68 4#11 0.91 4.1 
3 6.83 1.07 0.99 2#9@9" 0.83 4#11 0.84 3.7 
2 6.89 1.07 1.00 2#11@9" 0.71 4#11 0.69 3.1 
1 6.42 1.07 0.93 2#11@9" 0.93 4#11 0.45 2.0 
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6.2.1.3 Analysis Results of Dmin Archetypes 
Analysis results of the Dmin Archetypes are presented in Table 6-11 confirming that the 
Dmax Archetypes govern the collapse assessment since they have much lower ACMRs than the 
Dmin Archetypes. The sample CMR plot for the 12-story Archetype in Figure 6.19 also 
demonstrates that the median collapse intensity (SCT) is almost three times the spectral intensity 
at MCE (SMT), and the ACMR that is twice that of the Dmax Archetype.  
Table 6-11: Pushover analysis and IDA results of Dmin Archetypes 
Archetype 
ID 
Pushover Results IDA Results Acceptability 
Static Ω μT SMT [T] SCT [T] CMR SSF ACMR Accept. ACMR10 
Pass 
/Fail 
12H-3.0-Dmax 1.61 5.46 0.89 1.33 1.50 1.36 2.03 
1.96 
Pass 
12H-3.0-Dmin 1.32 9.36 0.28 0.76 2.76 1.46 4.02 Pass 
24H-3.0-Dmax 1.69 8.35 0.53 0.75 1.42 1.61 2.29 
1.96 
Pass 
24H-3.0-Dmin 1.37 9.14 0.16 0.53 3.31 1.57 5.20 Pass 
 
 
Figure 6.19: CW-12H-3.0-Dmin CMR Plot 
  
 202 
6.2.2. Uncoupled Shear Wall System 
Given the new design requirements for special structural walls approved for ACI 318-19, 
and the prior FEMA P695 study on isolated cantilever walls (NIST, 2010), a limited study was 
undertaken to compare ACMRs from the current study with similar archetypes but with 
cantilever walls. The 12-story coupled wall Archetype with coupling beam aspect ratio ln/h = 3.0 
(12H-DR-3.0) designed for seismicity Dmax is revised to a cantilever uncoupled shear wall lateral 
system of comparable height and plan configuration by removing the coupling beams as shown 
in the plan view of Figure 6.20 (a). The uncoupled wall system is then analyzed with a nonlinear 
OpenSees model similar to that of the coupled wall model, except with just one wall pier 
connected to a P-delta column as shown in Figure 6.20 (b).   
   
(a) Plan View of Archetype Building  (b) Elevation View of Wall Model 
Figure 6.20: 12-Story Uncoupled Wall Archetype 
The uncoupled wall Archetype is designed using R = 6 and Cd = 5 (versus using R = Cd = 
8 for the coupled wall system) subject to the same code provisions as the coupled wall 
Archetypes including the drift capacity check and designing the wall horizontal reinforcement 
for amplified shear demands. The most efficient wall length and thickness dimensions are 
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selected in efforts to develop a design that would govern the collapse assessment. Both an ELF 
and a RSA design were considered with 23 ft long wall piers for the ELF design and a shorter 
wall length of 20 ft for the RSA design due to reduced RSA drift demands. Both the ELF and 
RSA Archetypes have maximum design wall neutral axis depths of about 30% of the wall length 
and relatively high amplified wall shear demands close to the ACI 318 shear stress limits. The 
drift capacities computed per equation (4-4b) in Section 4.2 of the report are 2.37% and 2.27% 
for the ELF and RSA designs, respectively. Details of the ELF and RSA designs are presented in 
Table 6-12.  
Table 6-12: Design Summary of 12-Story Uncoupled Wall Archetype 
ELF Design      RSA Design 
  
 
As this study aims to compare the collapse results of uncoupled versus coupled walls, 
nonlinear pushover analyses and IDAs were performed using consistent failure criteria and 
designs based on the new ACI 318-19 provisions. Although the collapse performance of 
structural walls has been assessed in previous studies, this study employs a systematic evaluation 
approach with failure criteria that are based on the more recent findings from earthquakes and 
experimental databases. In the NIST GCR 10-917-8 (NIST, 2010) study on special reinforced 
concrete shear walls, “collapse” was defined when the IDA reached a drift of 5%, based on 
consensus opinion of the ATC 76 project team and observations that collapse of buildings with 
structural walls has rarely been observed following strong earthquake shaking. For this study, 
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roof drift values at strength loss, used to conservatively define collapse for flexural failure, were 
about 3%. Also, shear failures for this study are less likely than in the 2010 study due to 
consideration of wall shear amplification.  
IDA results indicate that when consistent design and collapse assessment criteria are used, 
the 12-story Ductile Coupled Wall Archetype has higher median collapse intensity and ACMR 
values than the comparable uncoupled wall Archetypes (see Table 6-13). Using the failure 
criteria in this study, the uncoupled Archetypes pass the FEMA P695 20% probability of 
collapse acceptability criteria, but the ACMR values fall slightly below the 10% probability of 
collapse acceptability. The results of this limited study suggest that studies of cantilever wall 
Archetypes are very likely to produce a higher R-value than currently used for many designs (i.e., 
R = 5). However, for a more comprehensive study, a less conservative criteria for flexural 
failures and collapse may be required to produce acceptable ACMRs.  
Table 6-13: IDA results of Uncoupled Wall Archetypes 
Archetype ID 
IDA Results Acceptability 
SMT [T] SCT [T] CMR SSF ACMR ACMR20 ACMR10 
CW-12H-DR-3.0 
0.89 
1.33 1.50 1.36 2.03 > 1.56, Pass > 1.96, Pass 
SW-12H-RSA 1.19 1.34 1.36 1.82 > 1.56, Pass < 1.96, Fail 
SW-12H-ELF 1.26 1.42 1.32 1.87 > 1.56, Pass < 1.96, Fail 
 
When the uncoupled Archetypes are designed for shear amplification, the median 
collapse intensity values are at a ground motion scaling factor exceeding the MCE level shaking; 
at MCE only 12 of 44 records reach failure (namely, flexural failures at about 2% drift). 
Moreover, it is interesting to note that if the uncoupled Archetypes had not been designed for 
amplified shear demands, about 30% of records (14 out of 44) would reach failure at DE level 
shaking whereas 80% of records would reach failure at MCE level shaking due to a high number 
of shear failures. 
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6.2.3. Low-rise Archetypes 
In the initial study, use of coupled walls for buildings shorter than 8-stories was not 
viewed as practical; however, several Archetypes with fewer stories were studied for 
completeness. Two sets of Archetypes were studied, i.e., one set of 6- and 4-story Archetypes 
having a consistent floor plan as the 8 to 30 story coupled wall Archetypes, and a second set of 
2-story Archetypes with an enlarged floor plan to increase wall shear demands close to ACI 318 
limits. Design details and analysis results for the low-rise Archetypes are presented in the 
following subsections.  
6.2.3.1 6 and 4-Story Archetypes 
The performance of the 6- and 4-story Archetypes were studied following the same 
design and analysis approach as before using the same floor loading and building floor plan with 
two sets of coupled walls in each principal building direction.  The Archetype variations include 
designs with coupling beam aspect ratios (ℓn/h) of 2.0 and 5.0. The Archetype design details are 
summarized in Table 6-14 and in the Appendix, and a sample wall detail is presented in Figure 
6.21. The wall piers are optimally designed to be as thin and short as possible with amplified 
shear stresses ranging from about 6 to 7.4X𝑓:Y𝐴:] (close to ACI 318 limits) and wall drift 
capacities in the range of 3 percent. The coupling beam shear stresses range from about 4 to 
7X𝑓:Y𝐴:] with a trend of decreasing shear stress with decreasing building height and coupling 
beam aspect ratio. The degree of coupling (DOC) of the coupled wall system is lower than the 
DOC of the taller Archetypes and decreases for the designs with conventionally reinforced 
coupling beams. 
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Figure 6.21: CW-6H-2.0 Level 1 Wall Detail 
Table 6-14: Design summary of the 6- and 4-story Archetypes 
Archetype Lw tw Wall cmax 
Wall  
Ve,max 
Wall  
Pu,max 
CB  
Vu,max δc/hw DOC 
6H-DR-2.0 
8’ 
L1-4: 
14” 
L5-6: 
10” 
0.42 Lw 7.4√f’cAcv 0.28 Agf’c PD =0.1Agf’c 7.1√f’cAcv 3.04% 0.60 
6H-CR-5.0 0.34 Lw 6.9√f’cAcv 0.23 Agf’c PD =0.1Agf’c 5.2√f’cAcv 3.14% 0.49 
4H-DR-2.0 
7’ 12” 
0.32 Lw 6.3√f’cAcv 0.21 Agf’c PD =.08Agf’c 5.4√f’cAcv 3.11% 0.54 
4H-CR-5.0 0.30 Lw 5.7√f’cAcv 0.17 Agf’c PD =.09Agf’c 3.7√f’cAcv 3.19% 0.43 
 
The analysis results for these Archetypes are summarized in Table 6-15. Although the 
degree of coupling is lower for the 4 and 6-story low-rise Archetypes, they still meet the FEMA 
P695 acceptability criteria with ACMRs exceeding the 10% probability of collapse acceptable 
ACMR. 
Table 6-15: Analysis results of the 6- and 4-story Archetypes 
Archetype Ω0 μT SMT SCT Failures ACMR ACMR20 ACMR10 
6H-DR-2.0 2.28 7.54 1.49 2.68 19 Flexure 2 Shear 2.42 > 1.56 > 1.96 
6H-CR-5.0 1.73 7.97 1.49 2.55 20 Flexure 0 Shear 2.32 > 1.56 > 1.96 
4H-DR-2.0 2.49 10.5 1.50 3.19 18 Flexure 3 Shear 2.83 > 1.56 > 1.96 
4H-CR-5.0 1.86 11.3 1.50 2.73 19 Flexure 1 Shear 2.42 > 1.56 > 1.96 
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For theses low-rise Archetypes, alternative collapse criteria could have been considered, 
e.g., defining collapse to occur at 5 percent drift, thus resulting in higher ACMRs. However, 
given the low degree of coupling for the low-rise Archetypes, the impact of considering different 
collapse criteria was not studied, and instead a minimum height of 60 feet is proposed for a 
Ductile Coupled Wall in ASCE 7 to ensure adequate degree of coupling and significant energy 
dissipation provided by the coupling beams.  
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6.2.3.2 2-Story Archetypes 
The collapse performance of two additional 2-story Archetypes were assessed using the 
same design and analysis approach used before. However, instead of optimizing the length of the 
wall piers to be as short as possible, the wall pier lengths were established as 10 feet at the 
minimum allowable height to length ratio from the definition of a Ductile Coupled Wall, i.e., 
hwcs/ℓw = 2.0 intended to promote wall flexural yielding versus abrupt failure modes. In order to 
increase the wall shear stress demands to be close to the ACI limiting design value of 8X𝑓:Y𝐴:], 
the building seismic weight was increased by increasing the floor area by a factor of almost 4 
compared to the taller Archetypes as shown in Figure 6.22; the superimposed dead load also was 
increased to 50 psf compared to the typical 25 psf for the taller Archetypes. The designs with this 
wall length represent the worst-case 2-story Ductile Coupled Wall system that can be designed. 
 
Figure 6.22: 2-Story Archetype Floor Plan and Elevation View 
The 2-story Archetype variations include designs with coupling beam aspect ratios (ℓn/h) 
of 2.0 and 5.0. The design details of the Archetypes are summarized in Table 6-16 and the 
Appendix. The 10 foot long wall piers are 10 in. thick with amplified shear stresses of about 
6.5X𝑓:Y𝐴:] (close to ACI 318 limits) and wall drift capacities of about 2.7 percent. The maximum 
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coupling beam shear stresses are 5.7X𝑓:Y𝐴:]for the design with ℓn/h = 2 but only 3.4√f’cAcv for 
the design with ℓn/h = 5. The degree of coupling (DOC) of the coupled wall system is 
significantly lower than the DOC of the taller Archetypes, especially for the design with 
conventionally reinforced coupling beams (ℓn/h = 5) for which the DOC is only about 10 percent. 
Table 6-16: Design summary of the 2-story Archetypes 
Archetype Lw tw Wall cmax 
Wall  
Ve,max 
Wall  
Pu,max 
CB  
Vu,max δc/hw DOC 
2H-DR-2.0 
10’ 10” 
0.25 Lw 6.5√f’cAcv 0.10 Agf’c PD =0.05Agf’c 5.7√f’cAcv 2.7% 0.23 
2H-CR-5.0 0.23 Lw 6.4√f’cAcv 0.09 Agf’c PD =0.05Agf’c 3.4√f’cAcv 2.7% 0.11 
 
Pushover analysis results presented in Figure 6.23 demonstrate the onset of strength loss 
begins at roof drift values of about 2 to 2.4 percent for the 2-story Archetypes as compared to 
values closer to 3% for the taller Archetypes. Although the degree of coupling is low for the 2-
story Archetypes, analysis results presented in Table 6-17 indicate that the ACMRs meet the 20% 
probability of collapse acceptability criteria; however, if the 2-story Archetypes are grouped into 
their own performance group, they would not pass the 10% probability of collapse acceptability 
criteria. These 2-story Archetypes experience shear failures for more ground motion records than 
the taller Archetypes do; moreover, the records that experience shear failures typically have 
flexural failures around the same time step in the nonlinear response history.    
The use of alternative collapse criteria defining failure at 5% drift would have resulted in 
higher ACMRs within the FEMA P695 acceptability range. However, given the lower degree of 
coupling from design and the lower ACMRs obtained from analysis results reinforce the 
consensus to set a minimum height of 60 feet in ASCE 7 for Ductile Coupled Walls to ensure 
adequate participation of the coupling beams in the energy dissipation mechanism of the system. 
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Figure 6.23: 2-Story Archetype pushover analysis results 
 
Table 6-17: Analysis results of the 2-story Archetypes 
Archetype Ω0 μT SMT SCT Failures ACMR ACMR20 ACMR10 
2H-DR-2.0 2.24 > 8 1.50 2.11 13 Flexure 9 Shear 1.87 > 1.56 < 1.96 
2H-CR-5.0 2.00 > 8 1.50 1.95 9 Flexure 13 Shear 1.73 > 1.56 < 1.96 
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Table 6-17: continued… 
IDA Results 2H-DR-2.0 2H-CR-5.0 
EQ 
SF = 2.7, Dir1 SF = 2.7, Dir2 SF = 2.7, Dir1 SF = 2.7, Dir2 
Flexure Shear Flexure Shear Flexure Shear Flexure Shear 
1 969 969 977 988 971 970 980 979 
2 584 NaN 593 591 586 NaN 595 591 
3 NaN NaN 1192 1191 NaN NaN 1197 1191 
4 NaN NaN 752 NaN NaN NaN 756 NaN 
5 NaN NaN 3148 NaN NaN NaN 3146 NaN 
6 NaN NaN NaN NaN NaN NaN NaN NaN 
7 1149 NaN 900 NaN 1161 NaN NaN NaN 
8 NaN NaN NaN NaN NaN 1596 NaN NaN 
9 NaN NaN NaN NaN NaN NaN 1736 NaN 
10 NaN NaN NaN NaN NaN NaN NaN NaN 
11 921 920 NaN NaN 922 921 NaN NaN 
12 NaN NaN 5192 6271 NaN NaN 5195 6276 
13 1831 NaN NaN NaN 1829 1818 NaN NaN 
14 NaN 1077 1090 NaN NaN 1077 1090 1092 
15 NaN NaN 636 610 NaN NaN 637 610 
16 2743 2739 NaN NaN 2748 2739 NaN NaN 
17 740 NaN NaN NaN 742 NaN NaN NaN 
18 386 NaN NaN NaN 386 393 NaN NaN 
19 NaN NaN NaN NaN NaN NaN NaN NaN 
20 9175 NaN 9124 9043 NaN NaN 9140 9043 
21 624 615 NaN NaN 625 568 NaN NaN 
22 NaN NaN 900 898 NaN NaN 907 894 
# Failures: 7 4 6 5 4 7 5 6 
Result: 22 GMs fail à 50% fail 22 GMs fail à 50% fail 
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6.2.4. Sensitivity Studies with Shear-Flexure Interaction Effects 
A subset of Archetypes are assessed using the model capturing shear-flexure interaction 
effects (SFI-MVLEM) developed by Kolozvari et al. (2018) as described in section 5.1.2 in order 
to compare results with those of the uncoupled MVLEM which instead used an elastic horizonal 
spring with an effective shear stiffness of 0.5G. The model with SFI effects uses an evolving 
shear stiffness that allows coupling of wall axial/flexural and nonlinear shear behavior. 
Incorporating SFI can better predict the distribution of wall shear demands and tends to result in 
reduced wall shears and higher interstory drifts than predicted with an uncoupled model. 
Two Archetypes are assessed considering SFI effects, namely the 8 and 12-story 
buildings with coupling beam aspect ratio ln/h = 3.0. Nonlinear pushover results, as presented in 
Figure 6.24 for the 8-story Archetype, indicate that including Shear-Flexure interaction effects 
captures a decrease in shear at the base of the tension pier but an increase in shear at the base of 
the compression pier. Moreover, capturing SFI effects reduces the strains at the wall extreme 
fibers (as shown with the dashed lines in Figure 6.25). Although the reduction in the wall shear 
demand is typically in the range of 15 to 20 percent, the effects on neutral axis depth, axial load, 
and wall shear responses can result in a reduced ACMR compared to an uncoupled model.  
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Figure 6.24: Wall shears with SFI effects for Archetype CW-8H-3.0 
 
 
Figure 6.25: Wall strains with SFI effects for Archetype CW-8H-3.0 
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IDA results presented in Table 6-18 for the 8- and 12-story Archetypes suggest that 
reduced wall shears and tensile strains predicted with the SFI model lead to the Archetypes 
having slightly higher drift capacities and therefore slightly higher collapse margin ratios. 
Moreover, reduced wall shear demands predicted with the SFI model due to nonlinear shear 
deformations lead to slightly fewer shear failures experienced. Although nonlinear shear 
deformations predicted using the SFI model are larger than those of the MVLEM with linear 
elastic shear behavior, higher occurrences of shear failures are not predicted. For these 8 and 12 
story Archetypes, the increase in the median collapse intensity and collapse margin ratio 
considering SFI effects is minimal. Additional studies can be conducted to assess the extent of 
increase in ACMR for taller Archetypes. 
Table 6-18: Analysis results considering SFI effects 
Archetype Ω0 μT SMT SCT ACMR ACMR20  
(if > 1.56) 
ACMR10  
(if > 1.96) 
8H-3.0-MVLEM 2.21 5.28 
1.20 
1.90 2.03 Pass Pass 
8H-3.0-SFI 2.89 3.89 1.95 2.04 Pass Pass 
12H-3.0-MVLEM 1.61 5.46 
0.89 
1.33 2.03 Pass Pass 
12H-3.0-SFI 2.0 5.0 1.36 2.05 Pass Pass 
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6.2.5. Future Studies 
6.2.5.1 Axial Restraint of Coupling Beams 
For assessing the performance of coupled walls, one consideration that has not yet been 
quantified well is the restraint of axial deformations and increase of axial forces in coupling 
beams provided by floor diaphragms and the adjacent stiff structural walls. During cyclic lateral 
loading, coupling beams subjected to large drift demands have a strong tendency to expand 
longitudinally and elongate. As a coupling beam rotates about its compression strut during lateral 
loading, axial elongations occur in the beam as the tensile reinforcement in the diagonally 
reinforced beam beings to yield. This axial growth becomes more pronounced as the beam 
undergoes further inelastic deformation and plastic hinges begin to form. The stiffness of the 
adjacent wall piers and the floor slab provide horizontal restraint against this axial growth. The 
slab, in particular, provides additional confinement to the coupling beam and increases its 
ultimate concrete strain. Although this restraint is typically neglected, accounting for axial load 
effects has a role in increasing the stiffness as well as the bending and shear strength of coupling 
beams. Moreover, there is a concern that the restraint of beam axial deformations may weaken 
the deformation capacity and energy dissipation behavior of coupled wall systems and increase 
wall axial load demands.  
A select few experimental and analytical studies have been performed in efforts to 
quantify axial load effects of coupling beams. As early as 1984, following analytical and 
experimental studies on a 1/3 scale 4 story coupled wall system, Aktan & Bertero emphasized 
the increase in coupling beam strength due to the axial compression that arises from 
redistribution of shear between two linked walls and from the slab; they also highlighted the 
need to assess the effects of axial force on flexural and shear stiffness and to consider the 
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contribution of shear distortion (Aktan & Bertero, 1984). Other experiments assessing beam 
axial load effects have obtained beam axial growths on the order of about 3 percent of the beam 
span (Kwan & Zhao, 2002; Kwan & Zhao 2003; Naish, 2010). However, other researchers have 
assumed coupling beam axial strains to either be small or have assumed that the beam is not 
restrained sufficiently to cause significant axial forces to develop. 
A system level coupled wall specimen tested at the University of Michigan (Lequesne, 
2009), which included a slab to partially restrain the coupling beam longitudinal expansion, 
showed reduced maximum average axial strains of about 0.6-1.4% and axial forces in the beams 
of about 4 to 7 percent of the beam axial capacity. Following the studies by Lequesne, an 
experimental study by Poudel et al. (2018) further investigated the influence of axial restraint on 
diagonally reinforced concrete coupling beams by comparing the behaviors of an axially-
restrained coupling beam and a control specimen tested without axial restraint. Their 
experimental results showed that the presence of axial restraint increased the coupling beam peak 
shear strength by about 30% and decreased the beam chord rotation capacity by about 10%. 
Moreover, concrete crushing of the beam and buckling of diagonal reinforcement occurred at 
smaller chord rotations. An analytical study by Bower (2008) indicated that axial restraint in 
diagonally reinforced concrete coupling beams increased the initial coupling beam stiffness by a 
factor of two and improved the post-peak stiffness and energy dissipation capacity of the system; 
moreover, Bower concluded that the effects of external axial restraint do not influence the elastic 
un-cracked response of the building as the period determined based on uncracked stiffness was 
not noticeably affected comparing the models with and without coupling beam axial restraint.  
It is well established that accounting for the interaction of the coupling beams with the 
floor diaphragm has a significant effect on restraining axial elongations and increasing the 
 217 
flexural strength of the beams. Experiments on individual coupling beams restrained by an RC 
and a PT slab revealed that consideration of the slab results in increases of about 20% in beam 
moment capacities, while a beam tested with a PT slab (prestressed to 150 psi) experienced about 
30-40% less growth than a beam tested with a RC slab and helped maintain the beam axial 
elongation to about 1.67% for rotations exceeding 6% (Naish, 2010). Moreover the influence of 
floor slab coupling was assessed through analytical studies of the 15-story Alto Rio building by 
Tuna (2009) which indicated the development of large slab rotations (about 0.03 rad) with the 
model resulting in reduced roof drifts by about 10 percent and modest variations in the first floor 
wall axial load (0.06Agf’c - 0.13Agf’c versus 0.09Agf’c for the no-slab case). However, slab 
effects may not be as significant in coupling beams with low span-to-depth aspect ratios in which 
the stiffness is controlled by shear since the composite action with the slab mostly affects the 
bending stiffness and is more significant in coupling beams of higher span-to-depth aspect ratios 
whose behavior is more flexure-controlled.  
Future experiments or analytical parametric studies can provide great insight for 
quantifying the effects of in-plane membrane slab restraint for a set of Archetypes with slabs of 
varying spans and reinforcement detailing in conjunction with coupling beams varying in aspect 
ratio, effective stiffness, and reinforcement layout. It is also useful to assess the distribution of 
beam axial load effects along the height of a building since in the system level tests performed 
by Lequesne (2009) it was observed that although the lowest level coupling beam shortened due 
to large axial forces, the upper level coupling beams elongated. Overall, future research can be 
focused on devising a relation to estimate the axial forces that develop in coupling beams and 
provide recommendations for design guidelines and modeling parameters that affect the behavior 
of coupled wall systems. 
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6.2.5.2 Three Dimensional Analysis 
The computational effort necessary to perform three dimensional (3D) nonlinear response 
history analysis of RC wall buildings is currently challenging due to the complexity of capturing 
the mechanical behaviors as well as due to increased analysis run-times. In a 3D analysis, the 
three-dimensional stress and strain relations of RC walls can be incorporated by capturing the 
complex force flow between the wall elements, the non-uniform axial strains along the portions 
of the wall that is perpendicular to the direction of loading, and possibly warping effects. 
Capturing these previously described behaviors can be especially important for non-planar 
flanged walls subjected to bi-axial cyclic loading depending on the angle and direction of the 
loading. Although a 3D version of the MVLEM and SFI-MVLEM by Kolozvari et al. as 
described in Section 5.1 is currently being developed, it was not yet available to use for this 
FEMA P695 study. Given the size and complexity of the analytical modeling, a three 
dimensional analysis was not attempted for this FEMA P695 study so that results would be 
attained in a timely and computationally efficient manner. 
6.2.5.3 Soil Structure Interaction 
In the design of coupled wall buildings, it is common to model the base of the structure as 
fixed-base during analysis thus neglecting soil-structure interaction (SSI) effects, a process that 
is deemed to be conservative. This assumption to neglect SSI effects is valid in a building design 
where the fundamental period of the building falls within the descending branch of the response 
spectrum. As shown in Figure 6.26 (NIST, 2012), analyzing the structure along the descending 
branch using a flexible-base period results in a decreased base shear, making SSI conservative to 
ignore. However, for short stiff buildings which would fall within the ascending branch, 
assuming a fixed-base period and neglecting SSI is unconservative. 
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Figure 6.26: SSI Effects on Spectral Acceleration (NIST GCR 12-917-21) 
Incorporating foundation flexibility and SSI effects in the analysis, either by code 
methods or by modeling foundation springs and dashpots, is necessary when the structural 
stiffness (represented by the building height to Period ratio, h/T) is greater than about 10 percent 
of the soil stiffness (represented by the shear wave velocity, vs). Within those stiffness ranges, 
SSI effects are important to incorporate in coupled wall systems so that the additional drift 
demands and increased coupling beam chord rotations resulting from the rocking of individual 
footings are not underestimated in the structural analysis. Nevertheless, when in the descending 
branch of the response spectrum i.e. (h/T)/vs < ~0.1, incorporating SSI kinematic interaction 
effects can result in significant savings due to the reduction of base shear and predicted demands 
on the lateral force resisting system of a building since the imposed seismic energy would be 
dissipated at the soil-foundation interface before the energy can propagate up to the structure. 
In core wall buildings, the high level of foundation demands typically requires the use of 
thick mat foundations supporting the coupled walls (versus individual footings that more easily 
rock). Typical mat foundations of coupled core walls also extend beyond the core shear walls, 
which introduces additional flexibility into the foundation elements and as a result reduces the 
stiffness and radiation damping in the rocking mode (Iguchi & Luco, 1982). Moreover, typical 
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thick mat foundations for core walls are very stiff while having large footprint areas, and are 
therefore considered to have little deviation from a rigid foundation assumption. This common 
scenario using stiff mat foundations has been investigated by researchers, such as noted in the 
Walnut Creek Building analyses (NIST, 2012). In a set of varying analysis models for a mat 
foundation with minimal embedment, results from a model incorporating foundation flexibility 
and damping were nearly identical to results from a fixed base assumption model (NSIT, 2012). 
The fundamental period from the model incorporating foundation flexibility was six percent 
higher than the model with the fixed-base assumption, thus reinforcing that using fixed-base 
models typically yields a conservative over-prediction of lateral response (NIST, 2012). 
Moreover, an analytical study by Lu & Panagiotou of a 20-story RC core wall building with a 
caisson foundation without piles (PEER, 2014) showed that, when decomposed from nonlinear 
site effects, SSI had a negligible effect (less than 8% difference) on the peak roof drift ratio and 
peak roof acceleration.  
Although the scope of this FEMA P695 study did not include SSI effects, it is important 
to consider all important parameters that can affect the behavior of coupled wall systems 
including soil-structure interaction which causes additional flexibility and radiation damping at 
the foundation level.  In cases where near-fault ground motions or higher mode effects are 
important or where flexible shear wall foundations are prone to rocking, accounting for SSI 
effects is crucial in assessing the seismic performance of coupled wall buildings.  
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CHAPTER 7. Summary and Conclusions 
7.1. Summary and Conclusions –  Coupling Beam Database Findings 
The coupling beam database described in Chapter 3 is used to derive relations for coupling 
beam effective stiffness and shear-deformation back-bone relations. As a result of this study, 
trends from computations of coupling beam specimen were assessed to derive an equation for 
coupling beam effective stiffness as a function of the beam aspect ratio (ln/h), i.e., EcIeff/EcIg = 
0.07*ln/h. This relation has been adopted in the 2017 TBI and 2017 LATBSDC guidelines. 
Trends from experimental data can also be used to validate models and propose modeling 
parameters such as plastic rotations at coupling beam peak shear strength and at strength loss. 
7.2. Summary and Conclusions –  RC Ductile Coupled Walls , FEMA P695 Study 
  This study presents an application of the FEMA P695 methodology in efforts to propose 
appropriate values for seismic response modification factors for Reinforced Concrete Ductile 
Coupled Walls, as defined in ACI 318-19. A series of forty-one coupled wall Archetype 
buildings are designed for Seismic Design Category hazard Dmax as defined in FEMA P695 in 
conformance with the most recent code provisions of ASCE 7-16 and ACI 318-19. The 
Archetypes considered address a range of variables expected to influence the collapse margin 
ratio, with primary variables of building height (i.e., 6, 8, 12, 18, 24, and 30 stories), wall cross 
section (i.e., planar and flanged walls), coupling beam aspect ratio (ln/h) ranging from 2.0 to 5.0, 
and coupling beam reinforcement arrangement (i.e., diagonally and conventionally reinforced). 
The range of variables are chosen considering those used to define a Ductile Coupled Wall 
system in ACE 318-19, as noted above. Archetypes with similar characteristics are assigned to 
Performance Groups.  
  Important design considerations include using a drift capacity model to verify the wall 
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piers have sufficient drift capacity to resist Design Earthquake (DE) demands with a low 
(roughly 10%) probability of strength loss and applying wall shear force amplification to reduce 
the likelihood of shear failure with an approach similar to that used in the New Zealand NZ 3101 
code. Wall shear amplification is applied because preliminary analysis results indicated that 
Archetypes, using R = Cd = 8 and designed conforming to ACI 318-14 shear provisions, did not 
meet the FEMA P695 acceptability criteria due to a high number of shear failures experienced 
during incremental dynamic analysis. Both of these design requirements, the wall drift capacity 
check and wall shear amplification, have been approved and will appear in ACI 318-19.  
  Two-dimensional nonlinear models are created for each Archetype with the OpenSees 
computational platform in which fiber elements with uniaxial material relations and linear shear 
springs are used to model the wall piers, while beam-column elements and nonlinear shear 
springs are used to model the coupling beams. Seismic weight is assigned at the element nodes at 
each story level, while gravity loads tributary to the wall are assigned at the same nodes. P-delta 
effects are considered by using a column with zero lateral stiffness. The modeling approaches 
used for the structural elements are validated with experimental data from isolated wall tests, 
isolated coupling beam tests, and from a 12-story coupled wall test. Three primary failure modes 
are considered to capture lateral strength loss and collapse, i.e., 1) flexural failure (crushing of 
concrete, buckling of rebar, tensile fracture of longitudinal reinforcement) is assessed using a 
statistical drift capacity model developed based on an extensive database of wall tests, 2) shear 
failure (diagonal tension/compression) is based on the relationship between wall shear force 
versus tensile strain of wall longitudinal reinforcement based on LATBSDC (2017) 
recommendations, and 3) axial failure is estimated using a shear-friction model. For this study, 
collapse is defined as being associated with either flexure or shear, i.e., the axial failure model 
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did not govern because the lateral drift values at axial failure generally exceed 5% and have not 
been verified (although collapse of buildings with reinforced concrete walls has rarely been 
reported following strong earthquakes). Overall, the criteria used for collapse assessment in this 
study are conservative since the failure models predict the onset of strength loss (as a 20 percent 
drop in lateral strength) and not necessarily collapse. This approach is conservative because loss 
of axial load carrying capacity typically does not occur until lateral strength drops to near zero. 
In some studies, axial failure has been assumed to occur at a specified roof drift ratio, which has 
been typically defined as 4 to 5% (NIST GCR-10-917-8), whereas, in this study, the conservative 
approach used resulted in drift ratios at failure that were typically not more than about 3%. 
  Nonlinear static pushover (NSP) analyses and incremental dynamic analyses (IDA) using 
the 44 far-field ground motion records defined in Appendix A.9 of FEMA P695 are conducted 
for each Archetype. The pushover analysis is used to obtain an estimate of the system 
overstrength factor (Ω0) and system ductility (μT), whereas IDA results are used to determine the 
median collapse intensity and collapse margin ratio for each Archetype. Uncertainties associated 
with ground motion records (βRTR=0.4), code design requirements (βDR=0.2), available test data 
(βTD=0.2), and computational modeling approaches (βMDL=0.2) are estimated to determine a total 
system uncertainty value of about 0.525 per FEMA P695 Table 7.2a. Based on this total system 
uncertainty value of 0.525, the acceptable adjusted collapse margin ratios as specified in FEMA 
P695 Table 7-3 are 1.56 for each Archetype and 1.96 for the mean of each performance group. 
  Because shear amplification of ASCE 7-16 wall demands (with factors ranging from 2.35 
to 2.7) is applied in design, shear failures are mostly suppressed, and flexure-related collapse is 
typically defined by the drift capacity model for most Archetypes. Analysis results indicate that 
the most common collapse mode for Archetypes with diagonally-reinforced coupling beams is 
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flexural compression failure at the base of each of the wall piers. This is generally the case for 
the 8- and 12-story Archetypes, where very few wall shear failures are observed due to the 
design for amplified wall shear demands. For the taller, flanged wall Archetypes, higher ACMRs 
are observed relative to the 8 and 12-story Archetypes, with failure defined by either flexure or 
shear failure, possibly because a wall shear amplification value of 2.7 is applied for the design of 
the taller Archetypes. The Archetypes designed with conventionally-reinforced coupling beams 
experience strength degradation at lower drifts and have lower ACMRs than the Archetypes with 
diagonally-reinforced coupling beams due to reduced beam rotation capacity at strength loss. 
  As a result of this study, a system overstrength factor of Ω0 = 2.5 is proposed based on 
nonlinear static pushover analysis results indicating that mean overstrength values of the 
performance groups range from 1.3 and 2.2. The proposed response modification factor R = 8 is 
validated based on incremental dynamic analysis results indicating that mean Adjusted Collapse 
Margin Ratio values of the performance groups range from 2.09 to 2.91 corresponding to 
collapse probabilities of less than ten percent based on using a conservative definition of collapse 
as noted in the prior paragraph. The deflection amplification factor of Cd = 8 is proposed based 
on damping considerations and the assessment of median roof drift responses from DE level 
shaking compared to design roof drifts. A minimum height limit of 60 feet is recommended for 
Ductile Coupled Wall systems with the proposed seismic response parameters to be adopted in 
ASCE 7 because coupled walls are generally not efficient lateral force-resisting systems for 
shorter buildings. Overall, results of this study suggest that an overstrength factor of Ω0 = 2.5, a 
response modification factor R = 8, and a deflection amplification factor of Cd = 8 are 
appropriate seismic design parameters for RC Ductile Coupled Wall systems that are designed 
per ASCE 7-16 and ACI 318-19 provisions. 
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APPENDIX A – Coupled Wall Archetype Designs 
Notes: lw is the wall length, tw is the wall thickness, and Asb is the wall longitudinal reinforcement in the 
Outer, Web, and Inner segments of a wall pier; ln is the clear span of the coupling beam and h is the total 
depth of the coupling beam section; coupling beam width is the same dimension as the wall thickness; the 
coupling beams either consist of two bundles of diagonal (diag.) reinforcement (Avd) for Archetypes with 
DR beams or top and bottom longitudinal (long.) reinforcement for Archetypes with CR beams. 
 
Table A-1: Low-rise Archetype Designs 
Archetype 
ID 
Floor 
Level 
f’c 
(ksi) 
Wall Pier Design Coupling Beam Design 
lw  
(ft) 
tw 
(in.) 
Outer 
Asb 
Web 
Asb 
Inner 
Asb 
Shear 
Reinf. 
ln  
(ft) 
h 
(in.) 
CB  
Reinf. 
6H-DR-2.0 
5-6 
6.00 8.00 
10 8#5 14#4 6#5 2#6@9” 
5.00 30 
6#8 diag. 
3-4 14 12#8 12#4 6#5 2#6@6” 8#8 diag. 
1-2 14 14#11 10#5 6#6 2#6@6” 8#8 diag. 
6H-CR-5.0 
5-6 
6.00 8.00 
10 8#5 14#4 6#5 2#6@10”   6#9 long. 
3-4 14 12#7 12#5 6#6 2#6@6” 11.25 27 6#10 long. 
1-2 14 14#10 10#5 6#6 2#6@6”   6#10 long. 
4H-DR-2.0 
3-4 
6.00 7.00 12 
8#6 10#4 6#4 2#6@10” 
5.00 30 
4#9 diag. 
1-2 8#9 10#5 6#6 2#6@9” 4#10 diag. 
4H-CR-5.0 
3-4 
6.00 7.00 12 
8#5 10#4 6#4 2#6@12” 
11.25 27 
3#11 long. 
1-2 8#9 10#5 6#6 2#6@10” 3#11 long. 
2H-DR-2.0 1-2 4.00 10.00 
(H/lw 
= 2) 
10 8#7 18#5 8#7 2#5@8” 4.00 24 4#7 diag. 
2H-CR-5.0 1-2 4.00 10 10#6 14#4 10#6 2#5@9” 10.00 24 3#8 long. 
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Table A-2: 8-Story Ductile Coupled Wall Archetype Designs 
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Table A-3: 12-Story Archetype Designs 
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Table A-4: 18-Story Archetype Designs 
Archetype 
ID 
Floor 
Level 
f’c 
(ksi) 
Wall Pier Design Coupling Beam Design 
lw 
(ft) 
tw 
(in.) Asb 
Shear 
Reinf. 
ln 
(ft) 
h 
(in.) Avd Along. 
18H-DR-3.0 
18 
17 
8.00 9.00 
16 2#5@12” 2#5@14” 2#6@8” 
7.50 30 
6#8 
- 
15-16 16 2#5@9” 2#6@6” 6#9 
12-14 16 2#6@6” 2#6@6” 6#10 
9-11 16 2#7@6” 2#6@5” 6#10 
6-8 20 3#7@6” 2#7@6” 6#11 
3-5 24 3#9@6” 2#7@5” 8#10 
1-2 24 3#10@6” 2#7@5” 8#10 
18H-DR-2.4 
18 
17 
8.00 9.00 
16 
same as 
DR-3.0 
same as 
DR-3.0 6.00 30 
6#7 
6#8 
- 
16 
15 16 
6#8 
6#9 
12-14 16 6#9 
9-11 16 6#10 
6-8 20 6#11 
1-5 24 6#11 
18H-DR-2.0 
18 
17 
8.00 9.00 
16 
same as 
DR-3.0 
2#5@12” 
2#6@8” 
5.50 33 
6#6 
6#7 
- 
14-16 16 
same as 
DR-3.0 
6#8 
9-13 16 6#9 
7-8 16 6#10 
6 20 6#11 
1-5 24 2#7@4.5” 6#11 
18H-DR-3.3 
and CR-3.3 
18 
17 
8.00 9.00 
16 
same as 
DR-3.0 
2#5@14” 
2#6@8” 
8.33 30 
6#8 
6#9 
4#9 
4#10 
16 
15 16 2#6@7” 
6#9 
6#10 4#10 
12-14 16 2#6@6” 6#10 4#11 
9-11 16 2#6@5” 6#11 5#11 
6-8 16 2#7@6” 8#10 6#11 
3-5 20 2#7@5” 8#10 6#11 
1-2 24 2#7@5” 8#10 6#11 
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Table A-4 continued… 
Archetype 
ID 
Floor 
Level 
f’c 
(ksi) 
Wall Pier Design Coupling Beam Design 
lw 
(ft) 
tw 
(in.) Asb 
Shear 
Reinf. 
ln 
(ft) 
h 
(in.) Avd Along. 
18H-CR-4 
18 
17 
8.00 9.00 
16 2#5@12” 2#5@14” 2#5@9” 
10.00 30 - 
4#10 
16 
15 16 
2#5@9” 
2#5@6” 
2#6@9” 
2#6@7” 4#11 
14 
13 
12 
16 
same as 
CR-3.3 
2#6@6” 
4#11 
5#11 
5#11 
9-11 16 2#6@5” 5#11 
6-8 16 2#7@6” 6#11 
5 
4 20 2#7@5” 6#11 
3 
2 
1 
24 2#7@5” 6#11 
18H-CR-5 
18 
17 
16 
8.00 9.00 
16 
2#5@12” 
2#5@12” 
2#5@9” 
2#5@14” 
2#5@10” 
2#6@10” 
12.50 30 - 
4#11 
15 16 2#5@6” 2#6@8” 2#6@7” 5#11 
14 
13 
12 
16 
same as 
CR-3.3 
2#6@6” 5#11 
9-11 16 2#6@5” 6#11 
6-8 16 2#7@6” 8#10 
3-5 20 3#10@6” 2#7@5” 8#10 
1-2 24 3#11@6” 2#7@5” 8#10 
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Table A-5: 24-Story Archetype Designs 
Archetype 
ID 
Floor 
Level 
f’c 
(ksi) 
Wall Pier Design Coupling Beam Design 
lw 
(ft) 
tw 
(in.) Asb 
Shear 
Reinf. 
ln 
(ft) 
h 
(in.) Avd Along. 
24H-DR-3.0 
22-24 
10.00 9.00 
18 2#4@12” 
2#5@12” 
2#5@12” 
2#5@8” 
7.50 30 
6#8 
6#8 
6#9 
- 
19-21 18 2#6@12” 2#6@6” 
6#9 
6#9 
6#10 
17-18 24 3#6@12” 2#6@6” 6#11 
14-16 24 #7@12” 2#6@6” 6#11 
11-13 24 3#7@12” 2#7@8” 
6#11 
6#11 
8#10 
8-10 24 3#8@12” 2#7@6” 
8#10 
8#11 
8#11 
5-7 24 3#8@6” 2#8@6” 8#11 
3-4 24 3#9@6” 2#8@6” 8#11 
1-2 24 3#10@6” 2#8@6” 8#11 
24H-DR-2.4 
23-24 
10.00 9.00 
18 
same as 
DR-3.0 
same as 
DR-3.0 6.00 30 
6#7 
- 
21-22 18 6#8 
19-20 18 6#9 
12-18 24 6#10 
7-11 24 6#11 
1-6 24 8#10 
24H-DR-2.0 
24 
10.00 9.00 
18 
same as 
DR-3.0 
same as 
DR-3.0 5.50 33 
6#6 
- 
22-23 18 6#7 
19-21 18 6#8 
13-18 24 6#9 
8-12 24 6#10 
1-7 24 6#11 
24H-DR-3.3 
and CR-3.3 
23-24 
10.00 9.00 
18 
same as 
DR-3.0 
2#5@12” 
8.33 30 
6#8 4#9 
21-22 18 2#5@6” 6#9 4#9 4#10 
19-20 18 2#5@6” 2#6@8” 
6#9 
6#10 4#10 
17-18 
14-16 
12-13 
24 
2#6@8” 
2#6@6” 
2#7@8” 
6#11 5#11 
10-11 24 2#7@8” 2#7@6” 8#10 
5#11 
6#11 
7-9 24 2#7@6” 8#11 6#11 
1-6 24 2#8@6” 8#11 6#11 
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Table A-5 continued… 
Archetype 
ID 
Floor 
Level 
f’c 
(ksi) 
Wall Pier Design Coupling Beam Design 
lw 
(ft) 
tw 
(in.) Asb 
Shear 
Reinf. 
ln 
(ft) 
h 
(in.) Avd Along. 
24H-CR-4 
23-24 
10.00 9.00 
18 2#4@12” 2#5@12” 
10.00 30 - 
4#9 
4#10 
21-22 18 2#5@12” 2#5@8” 2#5@6” 4#10 
19-20 18 2#6@12” 2#5@6” 2#6@8” 4#11 
16-18 
15 
14 
12-13 
24 
same as 
DR-3.0 
2#6@8” 
2#6@6” 
2#6@6” 
2#7@8” 
5#11 
5#11 
6#11 
6#11 
10-11 24 2#7@8” 6#11 
9 
6-8 24 2#7@6” 
6#11 
8#10 
1-5 24 2#8@6” 8#10 
24H-CR-5 
23-24 
10.00 9.00 
18 2#4@12” 2#5@12” 
12.50 30 - 
4#10 
4#11 
21-22 18 2#5@12” 2#5@9” 2#5@6” 4#11 
19-20 18 2#7@12” 2#5@6” 2#6@8” 5#11 
16-18 
14-15 
12 
13 
24 
same as 
DR-3.0 
2#6@8” 
2#6@6” 
2#7@8” 
2#7@8” 
6#11 
8#10 
8#10 
8#11 
10-11 24 2#7@8” 8#11 
6-9 24 2#7@6” 8#11 
5 
3-4 
1-2 
24 
3#8@6” 
3#9@6” 
3#10@6” 
2#8@6” 8#11 
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Table A-6: 30-Story Archetype Designs 
Archetype 
ID 
Floor 
Level 
f’c 
(ksi) 
Wall Pier Design Coupling Beam Design 
lw 
(ft) 
tw 
(in.) Asb 
Shear 
Reinf. 
ln 
(ft) 
h 
(in.) Avd Along. 
30H-DR-3.0 
29-30 
27-28 
11.25 9.00 
18 2#4@9” 2#5@9” 
2#5@10” 
2#6@8” 
7.50 30 
6#8 
6#9 
- 
25 
26 18 2#6@9” 2#6@6” 
6#9 
6#10 
24 
23 18 2#7@9” 
2#6@6” 
2#7@7” 6#10 
21-22 18 2#8@9” 2#7@7” 6#10 
15-20 
14 24 3#6@6” 
2#7@7” 
2#7@6” 6#11 
11-13 24 3#7@6” 2#7@6” 8#10 
9-10 
7-8 30 
3#7@6” 
3#8@6” 
2#8@7” 
2#8@6” 8#11 
5-6 30 3#9@6” 2#8@6” 8#11 
3-4 30 3#10@6” 2#8@5.5” 8#11 
1-2 30 3#11@6” 2#8@5.5” 8#11 
30H-DR-2.4 
30 
27-29 
11.25 9.00 
18 2#4@9” 
same as 
DR-3.0 
6.00 30 
6#7 
6#8 
- 
26 
24-25 
23 
22 
21 
18 
2#5@9” 
2#6@9” 
2#7@9” 
2#7@9” 
2#8@9” 
6#9 
6#9 
6#9 
6#10 
6#10 
16-20 
11-15 24 3#6@6” 
6#10 
6#11 
9-10 
7-8 30 
3#6@6” 
3#7@6” 8#11 
5-6 
3-4 30 
3#8@6” 
3#9@6” 2#8@6” 8#11 
1-2 30 3#10@6” 2#8@5.5” 8#11 
30H-DR-2.0 
28-30 
27 
11.25 9.00 
18 2#4@9” 
same as 
DR-2.4 
except 
 
2#8@7” 
at L12  
and  
2#7@6” 
 at L15 
5.50 33 
6#7 
6#8 
- 
25-26 18 2#5@9” 6#8 
24 
21-23 18 
2#7@9” 
2#7@9” 6#9 
15-20 
11-14 24 
3#6@6” 
3#6@6” 
3#6@6” 
3#7@6” 
3#8@6” 
3#9@6” 
6#10 
6#11 
9-10 
7-8 
5-6 
3-4 
30 8#10 
1-2 30 3#10@6” 8#10 
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Table A-6 continued… 
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APPENDIX B – Miscellaneous Calculations 
 
a. Perform Model of BRI 12-Story Test: 
 
 Figure B.1:Moment-Curvature for 2nd Floor Coupling Beam 
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Perform Model of BRI 12-Story Test: 
Table B-1: Coupling Beam Flexural and Shear Capacities per ACI 318 
  
* Note: The area of steel As is computed with 2-D10 lateral reinforcing bars and the horizontal 
component of the diagonal bars, Avd*cosα; Shear strength, Vn = 2Avdfysinα. 
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b. Perform Model B – Analysis results: 
 
 
 
 
 
Figure B.2: Perform Model B, Story Results 
1
2
3
4
5
6
7
8
9
10
11
12
0 500 1,000 1,500 2,000
Fl
oo
r L
ev
el
Story Shear (kN)
Story Shear
0.5 % drift
1.0 % drift
3.55 % drift
1
2
3
4
5
6
7
8
9
10
11
12
0 5,000 10,000 15,000
Fl
oo
r L
ev
el
Story Stiffness (kip/inch)
Story Stiffness
0.5 % drift
1.0 % drift
3.55 % drift
 237 
 
 
 
Figure B.3: Perform Model B, Coupling Beam Results 
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Figure B.4: Perform Model B, Wall Results 
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c. BRI Test – Slab Studies: 
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Figure B.5: Second Floor Coupling Beam Results 
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Figure B.5: Eleventh Floor Coupling Beam Results 
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